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ABSTRACT 
 
Civil engineering structures are generally subjected to three-dimensional earthquake 
ground motion. In the past several decades, horizontal earthquake excitation has been studied 
extensively and considered in the design process whereas the vertical component of earthquake 
excitation has generally been neglected in design, and rarely studied from the hazard viewpoint. 
However, recent studies, supported with increasing numbers of near-field records, indicate that 
the ratio of peak vertical-to-horizontal ground acceleration can exceed the usually adopted two 
thirds. Furthermore, field observations from recent earthquakes have confirmed the possible 
destructive effect of vertical ground motion. Therefore, the significance of vertical ground 
motion has gradually become of concern in the structural earthquake engineering community. 
Vertical motion has also been attracting increasing interest from the engineering seismology 
community. 
This report presents an investigation of the effect of vertical ground motion on RC 
structures studied through a combined analytical-experimental research approach. The analytical 
study investigated the effect of vertical ground motion on RC bridges and buildings considering 
various geometric configurations. For the experimental investigation, sub-structured pseudo-
dynamic (SPSD) tests and cyclic static tests with different constant axial loads were employed 
using the Multi-Axial Full-Scale Sub-Structured Testing and Simulation (MUST-SIM) Facility.  
In the analytical investigation for bridges, a parametric study on a two-span bridge was 
conducted to probe the effect of geometric bridge configuration including span length, span ratio 
and column height. Moreover, a bridge structure damaged during the Northridge Earthquake and 
a Federal Highway (FHWA) bridge design example were also analyzed. In the latter two cases, 
the effect of various vertical and horizontal peak ground acceleration ratios were presented and 
the results were compared with the case of horizontal-only excitation. The effect of arrival time 
interval between horizontal and vertical acceleration peaks were also studied and compared to 
the case of coincident motion. In the analytical investigation on buildings, a set of RC buildings 
was studied considering the hazard from recent devastating earthquakes. An ensemble of 
buildings consisting of 3 non-seismically detailed and 12 code-conforming buildings with 
various levels of irregularity in plan and elevation, design intensity and ductility were studied. 
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Analysis results from both structural systems (buildings and bridges) show that there is no 
significant change in global horizontal measurements such as lateral displacement or interstorey 
drift. However, notable increases in axial force variation within vertical members are observed 
resulting in significant reduction of shear capacity. 
In the experimental investigation, two SPSD tests were conducted in order to 
experimentally investigate the effect of vertical ground motion. FHWA Bridge systems selected 
from the previously completed analysis was used during full hybrid simulations designed to  
realistically represent the loading experienced by bridge columns during earthquakes. The 
horizontal ground motion was used as the only input for the first specimen while the second 
specimen was subjected to combined horizontal and vertical components of ground motion. 
Inclusion of vertical ground motion significantly increased the axial force variation and at 
several times induced an axial tension force. Moreover, more severe cracking and damage were 
observed with significant increase in spiral strains when vertical ground motion was included as 
an input. Based on the observed axial force levels obtained during the second SPSD test, two 
cyclic static tests with constant axial tension and compression were performed to study the effect 
of the axial load level. A brittle shear failure including rupture of the spiral was observed for the 
test specimen subjected to constant axial compression, while the specimen subjected to moderate 
tension showed less brittle behavior. Therefore, it has been experimentally and analytically 
confirmed that the deterioration of shear capacity and failure mode are linked to the axial load 
level and the vertical component of earthquake motion. 
 
   iv
ACKNOWLEDGMENTS 
 
The research presented in this report is supported by a NEESR-SG project, Seismic 
Simulation and Design of Bridge Columns under Combined Actions and Implications on System 
Response (CABER), funded by the National Science Foundation (NSF) under Award Number 
CMMI-0530737. The authors also acknowledge the financial and logistical contributions from 
the Mid-America Earthquake (MAE) Center, a NSF Engineering Research Center funded under 
grant EEC-9701785. The significant contributions are also due to the MUST-SIM NEES site. 
The Multi-Site Soil-Structure-Foundation Interaction Test (MISST) is funded by the NSF 
(Award No. CMMI-0406812) and the MAE Center. Any opinions, findings and conclusions or 
recommendations expressed in this material are those of the authors and do not necessarily 
reflect those of the National Science Foundation. 
 
   v
TABLE OF CONTENTS 
 
LIST OF TABLES......................................................................................................................... ix 
LIST OF FIGURES ....................................................................................................................... xi 
CHAPTER 1 INTRODUCTION.....................................................................................................1 
1.1 Statement of the Problem.......................................................................................1 
1.2 Objectives and Scope of Research.........................................................................2 
1.3 Organization of Report ..........................................................................................3 
CHAPTER 2 DEMAND FROM VERTICAL GROUND MOTION AND  SUPPLY OF 
MEMBER SHEAR STRENGTH..............................................................................6 
2.1 Introduction............................................................................................................6 
2.2 Characteristics of Vertical Ground Motion............................................................6 
2.2.1 Frequency Content .........................................................................................6 
2.2.2 Ratio of Peak Accelerations (V/H).................................................................8 
2.2.3 Time Interval between Peak Vertical and Horizontal Ground Motion ..........9 
2.3 Effect of Vertical Ground Motion on the Structure .............................................11 
2.3.1 Field Evidence of Damage Due to Vertical Motion.....................................11 
2.3.2 Previous Studies on RC Structure ................................................................14 
2.3.2.1 RC Bridges..........................................................................................14 
2.3.2.2 RC Buildings ......................................................................................16 
2.4 Overview of Modern Seismic Codes ...................................................................17 
2.5 Assessment of Member Shear Strength ...............................................................20 
2.5.1 Approach of Design Codes ..........................................................................20 
2.5.1.1 ACI 318-05 .........................................................................................20 
2.5.1.2 AASHTO LRFD Bridge Design Specifications (2005) .....................21 
2.5.1.3 Eurocode 2 (2004) ..............................................................................25 
2.5.2 An Analytical Approach for Capacity Prediction ........................................27 
2.6 Summary and Discussion.....................................................................................30 
CHAPTER 3 ANALYTICAL INVESTIGATION OF RC BUILDINGS ....................................32 
3.1 Introduction..........................................................................................................32 
3.2 Overview of Kashmir Earthquake .......................................................................32 
3.3 Selection of Strong Ground Motion.....................................................................33 
3.3.1 Characteristics of Ground Motion Records of Kashmir Earthquake ...........33 
3.3.2 Selection of Records for Analysis ................................................................37 
3.4 Description of the Selected Structures .................................................................39 
3.4.1 Buildings with No Seismic Design ..............................................................39 
3.4.2 Buildings Designed to Modern Seismic Code .............................................41 
3.5 Response Measures and Limit State Definition...................................................43 
   vi
3.5.1 Global Level .................................................................................................43 
3.5.2 Local Level...................................................................................................47 
3.6 Analysis Results...................................................................................................48 
3.6.1 Buildings with No Seismic Design ..............................................................48 
3.6.1.1 Effect on Global Response .................................................................48 
3.6.1.2 Effect on Member Response...............................................................51 
3.6.2 Buildings Designed to Modern Seismic Codes............................................57 
3.6.2.1 Effect on Global Response .................................................................57 
3.6.2.2 Effect on Member Response...............................................................63 
3.7 Summary and Discussion.....................................................................................71 
CHAPTER 4 ANALYTICAL INVESTIGATION OF RC BRIDGES.........................................73 
4.1 Introduction..........................................................................................................73 
4.2 Description of the Selected Bridges.....................................................................73 
4.2.1 Ramp Structure of the Santa Monica Freeway.............................................73 
4.2.2 FHWA Bridge #4 .........................................................................................75 
4.3 Structural Modeling and Response Measures......................................................78 
4.4 Selection of Strong Ground Motion Records.......................................................82 
4.5 Analysis Results...................................................................................................84 
4.5.1 Parametric Study with Various Bridge Configurations................................84 
4.5.2 Analysis with Raw Records .........................................................................89 
4.5.3 Effect of V/H Ratio ......................................................................................94 
4.5.4 Effect of Time Interval ...............................................................................101 
4.6 Summary and Discussion...................................................................................105 
CHAPTER 5 OVERVIEW AND VERIFICATION OF  PSEUDO DYNAMIC TEST.............107 
5.1 Introduction........................................................................................................107 
5.2 Overview of Pseudo Dynamic Test ...................................................................107 
5.2.1 Hybrid Simulation Methodology ...............................................................107 
5.2.2 Integration Scheme for PSD test ................................................................110 
5.3 The MUST-SIM Facility....................................................................................113 
5.3.1 Load and Boundary Condition Box and Reaction Wall.............................115 
5.3.2 UI-SIMCOR ...............................................................................................117 
5.3.3 LBCB Operation Manager .........................................................................118 
5.3.4 LBCB Plugin ..............................................................................................118 
5.3.5 Krypton Dynamic Measurement Machine (DMM) ...................................120 
5.4 Multi-Site Soil-Structure Foundation Interaction Test ......................................121 
5.4.1 Prototype and Structural Idealization.........................................................121 
5.4.2 Simulation Methodology............................................................................122 
5.4.2.1 Experimental Modules......................................................................123 
5.4.2.2 Analytical Modules...........................................................................124 
5.4.3 Distributed Hybrid Simulation Procedure and Results ..............................125 
5.4.3.1 Small Amplitude Simulation ............................................................126 
5.4.3.2 Large Amplitude Simulation with Santa Monica Record.................127 
5.4.3.3 Culminating Simulation with Newhall Fire Station Record.............128 
5.5 Summary and Discussion...................................................................................130 
   vii
CHAPTER 6 EXPERIMENTAL PROGRAM............................................................................132 
6.1 Introduction........................................................................................................132 
6.2 Prototype Structures and Simulation Methodology...........................................132 
6.3 Test Matrix.........................................................................................................133 
6.4 Test Specimen Design........................................................................................135 
6.4.1 Specimen Description ................................................................................135 
6.4.2 Material Properties .....................................................................................137 
6.4.3 Construction of Test Specimens.................................................................139 
6.5 Control Considerations ......................................................................................141 
6.5.1 Elastic Deformations of LBCB ..................................................................141 
6.5.2 Motion Center Alignment ..........................................................................143 
6.5.3 Determination of Acceptable Measurement Errors....................................144 
6.6 Instrumentation and Test Setup .........................................................................148 
CHAPTER 7 EXPERIMENTAL RESULTS AND OBSERVATIONS.....................................151 
7.1 Introduction........................................................................................................151 
7.2 Loading Scenario ...............................................................................................151 
7.2.1 SPSD Tests with the Horizontal and Vertical Ground Motions.................151 
7.2.2 Cyclic Tests with Different Axial Load Levels .........................................153 
7.3 Pier Subjected to Horizontal Ground Motion ....................................................155 
7.3.1 Target Commands and Measured Deformations........................................155 
7.3.2 Comparison with Analytical Prediction .....................................................156 
7.3.3 Experimental Observations ........................................................................158 
7.4 Pier Subjected to Horizontal and Vertical Ground Motion................................164 
7.4.1 Target Commands and Measured Deformations........................................164 
7.4.2 Comparison with Analytical Prediction .....................................................165 
7.4.3 Experimental Observations ........................................................................167 
7.5 Cyclic Test with Constant Axial Tension ..........................................................173 
7.6 Cyclic Test with Constant Axial Compression..................................................179 
7.7 Summary and Discussion...................................................................................185 
CHAPTER 8 INTERPRETATION OF EXPERIMENTAL RESULTS.....................................187 
8.1 Introduction........................................................................................................187 
8.2 Comparison of Sub-structured Pseudo-dynamic Test Results...........................187 
8.3 Comparison of Cyclic Test Results....................................................................196 
8.4 Evaluation of Shear Strength .............................................................................201 
8.5 Summary and Discussion...................................................................................208 
CHAPTER 9 CONCLUSIONS AND FUTURE RESEARCH REQUIREMENTS ...................210 
9.1 Summary of Findings.........................................................................................210 
9.1.1 Analytical Study of RC Buildings..............................................................210 
9.1.2 Analytical Study of RC Bridges.................................................................211 
9.1.3 Experimental Study ....................................................................................212 
9.2 Conclusion .........................................................................................................213 
9.3 Future Research Requirements ..........................................................................213 
   viii
REFERENCES ............................................................................................................................216 
APPENDIX A.   SPECIMEN CONSTRUCTION......................................................................226 
APPENDIX B.   INSTRUMENTATION....................................................................................229 
APPENDIX C.   TEST DATA ....................................................................................................233 
C.1 Specimen IPH.......................................................................................................233 
C.1.1 Global Measurement.....................................................................................233 
C.1.2 Local Measurement ......................................................................................236 
C.2 Specimen IPV.......................................................................................................241 
C.2.1 Global Measurement.....................................................................................241 
C.2.2 Local Measurement ......................................................................................244 
C.3 Specimen ICT.......................................................................................................249 
C.4 Specimen ICC.......................................................................................................254 
 
   ix
LIST OF TABLES 
 
Table 2.1 Recommended values of parameters for the vertical response spectrum (EC8 and 
Egyptian code) ............................................................................................................. 18 
Table 2.2 Values of θ  and β  for sections with transverse reinforcement, AASHTO 2005 ....... 23 
Table 2.3 Extended values of θ  and β , Collins et al (2002)....................................................... 25 
Table 2.4 Comparison between experimental and analytical shear strength of different 
analytical models (Priestly et al., 1994) ....................................................................... 27 
Table 2.5 Coefficient k for ductility level..................................................................................... 28 
Table 3.1 Acceleration response for ductility=2, at given periods, in g ....................................... 35 
Table 3.2 Comparison of durations for record of Abbottabad (EW), Kashmir earthquake.......... 36 
Table 3.3 Selected earthquakes for heavily damaged regions ...................................................... 37 
Table 3.4 Selected records with criteria for back-analysis, based on available information........ 38 
Table 3.5 V/H ratio and time interval for selected records........................................................... 38 
Table 3.6 Properties of modeling for selected structures.............................................................. 43 
Table 3.7 Drift limits per each performance level given by SEAOC-VISION 2000 ................... 44 
Table 3.8 Structural performance levels recommended by NEHRP (FEMA 273)....................... 44 
Table 3.9 Fundamental period and determined interstorey drift limit .......................................... 47 
Table 3.10 Damage description by curvature ductility for columns (Mwafy, 2001) ................... 48 
Table 3.11 Ratio of vertical seismic force to gravity load force for Ryadh Center...................... 51 
Table 4.1 Initial load (kN) ............................................................................................................ 79 
Table 4.2 Material properties of bridge selected for parametric study ......................................... 79 
Table 4.3 Comparison between required and designed shear strength of FHWA Bridge #4....... 80 
Table 4.4 Selected stations for analytical investigation of bridges............................................... 82 
Table 4.5 V/H ratio and Time lag for the selected records........................................................... 82 
Table 4.6 Dominant periods from response spectra for component of selected records .............. 83 
Table 4.7 Geometric configuration and fundamental period of bridges for parametric study ..... 85 
Table 4.8 Period of structural vibration for individual earthquake record ................................... 90 
Table 4.9 Variation of axial force on the pier............................................................................... 92 
Table 4.10 Shear capacity and demand of pier for original records, unit: kN.............................. 94 
Table 5.1 Nominal displacement and load capacity at Cartesian coordinate of LBCB.............. 116 
Table 5.2 Maximum responses for small amplitude test. ........................................................... 127 
Table 5.3 Maximum responses for large amplitude test with Santa Monica record................... 127 
Table 5.4 Significant events for Piers 1 and 3 ............................................................................ 129 
Table 5.5 Maximum responses for simulation with Newhall Fire record .................................. 129 
Table 6.1 Inputs and control types of test specimens ................................................................. 134 
Table 6.2 Aspect ratios and expected axial load levels of test specimens.................................. 134 
Table 6.3 Rebar ratios for the prototype and test specimen, % .................................................. 135 
Table 6.4 Material properties of the prototype and test specimen.............................................. 138 
Table 6.5 Selected records for the effect of measurement error on pier behavior...................... 145 
Table 6.6 Maximum response errors due to measurement errors............................................... 146 
Table 7.1 Input ground motion for the experiment..................................................................... 152 
Table 7.2 Comparison with analytical prediction, specimen IPH .............................................. 156 
   x
Table 7.3 Global measurements at monitored points, specimen IPH......................................... 160 
Table 7.4 Local measurements and damage at monitored points, specimen IPH....................... 160 
Table 7.5 Comparison with analytical prediction, specimen IPV .............................................. 167 
Table 7.6 Global measurements at monitored points, specimen IPV......................................... 169 
Table 7.7 Local measurements and damage at monitored points, specimen IPV....................... 169 
Table 7.8 Observed response at each peak cycle, specimen ICT ............................................... 176 
Table 7.9 Observed response at each peak cycle, specimen ICC ............................................... 182 
Table 8.1 Effect of vertical ground motion on maximum responses and variations .................. 188 
Table 8.2 Measured forces at the first peak for each displacement level, cyclic tests................ 197 
Table 8.3 Estimated shear components per each model, spiral type 2 ....................................... 205 
Table B.1 Location of linear potentiometers, unit: mm.............................................................. 229 
 
   xi
LIST OF FIGURES 
 
Figure 2.1 Characteristics of vertical ground motion; Sylmar Converter station, Northridge 
earthquake ...................................................................................................................... 7 
Figure 2.2 Distribution of V/H ratio and Time lag with respect to distance and earthquakes........ 8 
Figure 2.3 Comparison of V/H attenuation curves of Abrahamson et al. (1989) and 
Ambraseys et al. (1996) with 2/3 rule (after Elnashai and Papazoglou, 1997) ............. 9 
Figure 2.4 Examples of earthquake record exhibiting non-coincidence and coincidence of 
horizontal and vertical motions.................................................................................... 10 
Figure 2.5 Distribution of time interval with respect to distance and earthquakes....................... 10 
Figure 2.6 RC structures damaged by past earthquakes, Papazoglou and Elnashai (1996) ......... 12 
Figure 2.7 GOR Sport Stadium, Yogyakarta earthquake, Elnashai et al. (2006) ......................... 13 
Figure 2.8 Failure of interior columns, Yogyakarta earthquake, Elnashai et al. (2006)............... 14 
Figure 2.9 Comparison of response spectra in seismic codes....................................................... 17 
Figure 2.10 Response spectrum for vertical acceleration (EC8 and Egyptian code).................... 18 
Figure 2.11 Illustration of terms vb , vd and ed for circular column, AASHTO 2005 .................. 22 
Figure 2.12 Illustration of shear parameters, AASHTO 2005. ..................................................... 23 
Figure 2.13 Determination of slA , EC2 (2004)............................................................................. 26 
Figure 2.14 Strength degradation of shear strength as a function of column displacement or 
curvature ductility (Priestley et al., 1996).................................................................... 28 
Figure 2.15 Contribution of axial forces to shear strength, Priestley et al. (1994)....................... 30 
Figure 3.1 Rupture region (adapted from R. Bilham web site, 
http://cires.colorado.edu/~bilham/) .............................................................................. 34 
Figure 3.2 Strong motion records at Abbottabad, Pakistan .......................................................... 34 
Figure 3.3 Spectra for EW component of Abbottabad ................................................................. 35 
Figure 3.4 Durations for record of Abbottabad (EW), Kashmir Earthquake................................ 36 
Figure 3.5 Comparison of spectra between original and selected durations................................. 37 
Figure 3.6 Spectral acceleration for the selected records ............................................................. 38 
Figure 3.7 Ryadh Center, Abbottabad (Storey height: 3.17m) ..................................................... 39 
Figure 3.8 Layout of ICONS (after Pinho and Elnashai, 2000 and Elnashai, 2000).................... 40 
Figure 3.9 Layout of SPEARS (after Jeong and Elnashai, 2005a)............................................... 40 
Figure 3.10 Elevation of the buildings: (a) 8-storey irregular frames; (b) 12-storey regular 
frames; (c) 8-storey regular frame-wall buildings (after Mwafy, 2001)...................... 42 
Figure 3.11 Statistical distribution of critical drift (after Dymiotis et al., 1999).......................... 44 
Figure 3.12 Stress-strain model proposed for monotonic loading of  confined and 
unconfined concrete (Mander et al., 1988) .................................................................. 45 
Figure 3.13 Definition of effectively confined core (Mander et al., 1988),  taken from 
Mwafy (2001). ............................................................................................................. 46 
Figure 3.14 Determination of interstorey drift ratio limit of 1st storey columns for RF-L15 ....... 46 
Figure 3.15 Interstorey drift ratio, Ryadh Center ......................................................................... 49 
Figure 3.16 Interstorey drift ratio, ICONS.................................................................................... 50 
Figure 3.17 Interstorey drift ratio, SPEAR ................................................................................... 50 
   xii
Figure 3.18 Max. top displacements up to collapse prevention limit  for non-seismic 
buildings....................................................................................................................... 50 
Figure 3.19 Ratio of vertical seismic force to gravity load for 1st storey columns...................... 51 
Figure 3.20 Comparison of axial force at 1st storey, M-Ta-Taba NS, ICONS ............................ 52 
Figure 3.21 Contribution of VGM on the axial force variation.................................................... 52 
Figure 3.22 Maximum curvature ductility demands for columns, Ryadh Center ........................ 54 
Figure 3.23 Shear capacity and demand of 2nd column at 1st storey by Ref 12, ICONS............ 55 
Figure 3.24 Effect of vertical ground motion on shear capacity and demand, non-seismic 
buildings....................................................................................................................... 56 
Figure 3.25 Interstorey drift ratio, Irregular frames...................................................................... 58 
Figure 3.26 Interstorey drift ratio, Frame-wall building............................................................... 59 
Figure 3.27 Interstorey drift ratio for 12-storey regular frames.................................................... 61 
Figure 3.28 Effect of vertical ground motion on max. ID ratio, code-confirming buildings ....... 62 
Figure 3.29 Maximum top displacements for code-confirming buildings ................................... 62 
Figure 3.30 Effect of VGM on axial force of 1st storey columns, code-confirming buildings.... 64 
Figure 3.31 Maximum curvature ductility demand, code-confirming buildings.......................... 66 
Figure 3.32 Effect of vertical ground motion on maximum curvature ductility demand, 
code-confirming buildings ........................................................................................... 67 
Figure 3.33 Shear supply and demand for Irregular Frame buildings, CHY080-EW .................. 68 
Figure 3.34 Shear supply and demand, IF-L15, TCU079 EW ..................................................... 68 
Figure 3.35 Effect of vertical ground motion on shear capacity, IF-M15 .................................... 69 
Figure 3.36 Shear supply and demand, Frame-Wall buildings..................................................... 69 
Figure 3.37 Shear capacity and demand, RF-M30, CHY080 NS................................................. 70 
Figure 3.38 Effect of vertical ground motion on shear capacity of 1st storey columns, 12-
storey regular frames.................................................................................................... 70 
Figure 4.1 Layout of the selected bridge, units: m (after Broderick and Elnashai, 1995)............ 74 
Figure 4.2 Pier reinforcement details............................................................................................ 74 
Figure 4.3 Observed pier damage, Santa Monica Bridge ............................................................. 75 
Figure 4.4 Plan view and elevation of FHWA No. 4.................................................................... 76 
Figure 4.5 Cross section of FHWA No. 4..................................................................................... 76 
Figure 4.6 Pier elevation of FHWA No. 4 .................................................................................... 77 
Figure 4.7 Pier section of FHWA No. 4 ....................................................................................... 77 
Figure 4.8 Layout of Model Structure, units: m ........................................................................... 78 
Figure 4.9 Analytical modeling of FHWA Bridge #4, units: m ................................................... 80 
Figure 4.10 Shear spring modeling in Zeus-NL ........................................................................... 81 
Figure 4.11 Comparison between experiments and Zeus-NL with shear spring.......................... 81 
Figure 4.12 Frequency analysis of selected earthquake records................................................... 83 
Figure 4.13 Response spectra with 2%ζ = ................................................................................... 84 
Figure 4.14 Layout of simple bridge............................................................................................. 85 
Figure 4.15 Ratio of vertical seismic force (EQ) to gravity load force (DL) ............................... 87 
Figure 4.16 Contribution of vertical ground motion to axial force variation, LT and LTV......... 87 
Figure 4.17 Effect of vertical ground motion on the shear demand, LT and LTV....................... 88 
Figure 4.18 Effect of vertical ground motion on the shear capacity, LT and LTV ...................... 89 
Figure 4.19 Axial force history of the selected bridge piers......................................................... 91 
Figure 4.20 Yield displacement and curvature for various axial load levels................................ 93 
Figure 4.21 Shear capacity and demand of pier, FHWA Bridge #4, NO-SCS-L record.............. 93 
   xiii
Figure 4.22 Effect of vertical ground motion on the period of vibration, V/H ratio .................... 96 
Figure 4.23 Effect of vertical ground motion on the lateral displacement of pier, V/H ratio....... 96 
Figure 4.24 Spectral displacement of the selected records and the location of horizontal 
period of the bridge obtained from analysis with horizontal ground motion only....... 96 
Figure 4.25 Effect of vertical ground motion on the moment of superstructure, V/H ratio ......... 98 
Figure 4.26 Effect of vertical ground motion on the moment of pier, V/H ratio.......................... 98 
Figure 4.27 Ratio of contribution of VGM on axial force variation to dead load, V/H ratio....... 98 
Figure 4.28 Effect of vertical ground motion on the shear demand of pier, V/H ratio............... 100 
Figure 4.29 Effect of vertical ground motion on the shear capacity  of Santa Monica Bridge 
pier, V/H ratio ............................................................................................................ 100 
Figure 4.30 Effect of vertical ground motion on the shear capacity  of FHWA Bridge pier, 
V/H ratio .................................................................................................................... 100 
Figure 4.31 Effect of vertical ground motion on the period of vibration, Time Lag.................. 101 
Figure 4.32 Period change versus time, Santa Monica Bridge with Kobe-Port Island .............. 102 
Figure 4.33 Effect of vertical ground motion on the lateral displacement, Time Lag................ 103 
Figure 4.34 Effect of vertical ground motion on the moment of superstructure, Time Lag....... 103 
Figure 4.35 Effect of vertical ground motion on the moment of pier, Time Lag ....................... 103 
Figure 4.36 Ratio of contribution of VGM on axial force variation to dead load ...................... 104 
Figure 4.37 Effect of vertical ground motion on the shear demand of pier, Time Lag .............. 104 
Figure 4.38 Effect of vertical ground motion on the shear capacity  of Santa Monica Bridge 
pier, Time Lag............................................................................................................ 104 
Figure 4.39 Effect of vertical ground motion on the shear capacity  of FHWA Bridge pier, 
Time Lag .................................................................................................................... 104 
Figure 5.1 PSD simulation overview.......................................................................................... 110 
Figure 5.2 Flow chart of α-OS method for the PSD test ............................................................ 113 
Figure 5.3 SPSD testing with MUST-SIM facilities .................................................................. 114 
Figure 5.4 Reaction wall and LBCB in the MUST-SIM facilities ............................................. 115 
Figure 5.5 1/5th scaled reaction wall and LBCB in the MUST-SIM facilities............................ 116 
Figure 5.6 GUI of UI-SIMCOR.................................................................................................. 117 
Figure 5.7 LBCB Operation Manager ........................................................................................ 118 
Figure 5.8 LBCB Plugin ............................................................................................................. 119 
Figure 5.9 Krypton Dynamic DMM ........................................................................................... 120 
Figure 5.10 Structural idealization.............................................................................................. 122 
Figure 5.11 Allocation of modules and communication amongst sites ...................................... 122 
Figure 5.12 Pier reinforcement details........................................................................................ 123 
Figure 5.13 Experimental setup .................................................................................................. 124 
Figure 5.14 Utilized Northridge records..................................................................................... 125 
Figure 5.15 Comparison of target and measured displacement.................................................. 126 
Figure 5.16 Lateral force-displacement relationship (Santa Monica record) ............................. 127 
Figure 5.17 Lateral displacement history for Piers 1 and 3 ........................................................ 129 
Figure 5.18 Lateral force-displacement relationship (Newhall Fire record) .............................. 129 
Figure 5.19 Final failure modes .................................................................................................. 130 
Figure 6.1 Substructure and experimental module ..................................................................... 133 
Figure 6.2 Pier section ................................................................................................................ 135 
Figure 6.3 Pier elevation, unit: in................................................................................................ 136 
Figure 6.4 Concrete cylinder test ................................................................................................ 138 
   xiv
Figure 6.5 Coupon test for rebar ................................................................................................. 139 
Figure 6.6 Schematic view of casting process ............................................................................ 140 
Figure 6.7 Supporting system with steel frame .......................................................................... 140 
Figure 6.8 Idealized free body diagram for specimen with LBCB............................................. 141 
Figure 6.9 Schematic overview of elastic deformation control .................................................. 142 
Figure 6.10 External measurement system for the control ......................................................... 143 
Figure 6.11 Motion center alignment.......................................................................................... 144 
Figure 6.12 Response with various measurement errors, record: Corralitos (EW+V)............... 146 
Figure 6.13 Maximum response errors due to various measurement errors............................... 147 
Figure 6.14 Errors between target and measured displacements................................................ 148 
Figure 6.15 Test setup................................................................................................................. 149 
Figure 6.16 Schematic view of test setup ................................................................................... 150 
Figure 7.1 Ground motion records used during the SPSD tests ................................................. 153 
Figure 7.2 Applied displacement history, cyclic static test ........................................................ 154 
Figure 7.3 Target and measurement displacements and rotation, specimen IPH ....................... 155 
Figure 7.4 Comparison with analytical prediction, specimen IPH ............................................. 156 
Figure 7.5 Comparison for Fx vs Dx, specimen IPH.................................................................. 157 
Figure 7.6 Measured lateral displacement and monitored points, specimen IPH....................... 160 
Figure 7.7 Strain distribution of longitudinal bar for each peak, specimen IPH ........................ 161 
Figure 7.8 Strain distribution of spiral for each peak, specimen IPH......................................... 161 
Figure 7.9 Average curvature for each peak, specimen IPH ...................................................... 162 
Figure 7.10 Damage at the 2nd peak (MP 4, 3.425 sec), specimen IPH .................................... 162 
Figure 7.11 Damage at the 4th peak (MP 6, 4.315 sec), specimen IPH ..................................... 163 
Figure 7.12 Damage after test, specimen IPH ............................................................................ 163 
Figure 7.13 Target and measurement, specimen IPV................................................................. 165 
Figure 7.14 Comparison with analytical prediction, specimen IPV ........................................... 166 
Figure 7.15 Comparison with analytical prediction for Fx vs Dx, specimen IPV...................... 167 
Figure 7.16 Measured lateral displacement and monitoring points, specimen IPV ................... 169 
Figure 7.17 Strain distribution of longitudinal bar for each peak, specimen IPV ...................... 170 
Figure 7.18 Strain distribution of spiral for each peak, specimen IPV....................................... 170 
Figure 7.19 Average curvature for each peak, specimen IPV .................................................... 171 
Figure 7.20 Damage at the 2nd peak (MP 5, 3.440 sec), specimen IPV .................................... 171 
Figure 7.21 Damage at the 4th peak (MP 7, 4.315 sec), specimen IPV ..................................... 172 
Figure 7.22 Damage at final stage, specimen IPV...................................................................... 172 
Figure 7.23 Measured response, specimen ICT.......................................................................... 175 
Figure 7.24 Lateral displacement and force, specimen ICT ....................................................... 175 
Figure 7.25 Strain distribution of longitudinal bar, specimen ICT............................................. 176 
Figure 7.26 Damage at step 30, specimen ICT........................................................................... 177 
Figure 7.27 Damage at step 580 (first 6in), specimen ICT......................................................... 177 
Figure 7.28 Final stage, specimen ICT ....................................................................................... 178 
Figure 7.29 Measured response, specimen ICC.......................................................................... 181 
Figure 7.30 Fx and Dx, specimen ICC ....................................................................................... 181 
Figure 7.31 Strain distribution of longitudinal bar, specimen ICC............................................. 182 
Figure 7.32 Damage at step 30, specimen ICC........................................................................... 183 
Figure 7.33 Damage at step 466 (force drop), specimen ICC .................................................... 183 
Figure 7.34 Damage at final stage, specimen ICC...................................................................... 184 
   xv
Figure 8.1 Comparison of displacements and forces, specimens IPH and IPV.......................... 189 
Figure 8.2 Comparison of Fx vs Dx, specimens IPH and IPV ................................................... 189 
Figure 8.3 Crack comparison...................................................................................................... 190 
Figure 8.4 Comparison of longitudinal strain history, specimens IPH and IPV......................... 192 
Figure 8.5 Comparison of longitudinal strain distribution, specimens IPH and IPV ................. 193 
Figure 8.6 Comparison of average curvature distribution, specimens IPH and IPV.................. 193 
Figure 8.7 Comparison of spiral strain history, specimens IPH and IPV................................... 194 
Figure 8.8 Comparison of spiral strain distribution, specimens IPH and IPV............................ 195 
Figure 8.9 Comparison of displacements and forces, cyclic tests .............................................. 197 
Figure 8.10 Comparison of force and displacement relationship, cyclic tests............................ 198 
Figure 8.11 Comparison of damage status at failure of specimen ICC, cyclic tests................... 198 
Figure 8.12 Longitudinal strain history near bottom and top of pier, cyclic tests ...................... 199 
Figure 8.13 Comparison of longitudinal strain distribution at the first cycle of each 
displacement level, cyclic tests .................................................................................. 199 
Figure 8.14 Spiral strain history, cyclic tests.............................................................................. 200 
Figure 8.15 Shear demand and estimated capacities for test specimens..................................... 203 
Figure 8.16 Estimated shear components per each model, spiral type 2 .................................... 204 
Figure 8.17 Comparison of reserved shear strength ................................................................... 207 
Figure A.1 Typical reinforcement details and bottom details before casting of pier ................. 226 
Figure A.2 Rebar cages before casting of pier............................................................................ 226 
Figure A.3 Casting of pier .......................................................................................................... 227 
Figure A.4 Typical rebar details in bottom cap and after casting of bottom cap........................ 227 
Figure A.5 Typical rebar details in top cap and specimen before testing................................... 228 
Figure A.6 Retrofit of ICT and ICC............................................................................................ 228 
Figure B.1 Arrangement and numbering of strain gauges, specimens IPH and IPV.................. 230 
Figure B.2 Arrangement and numbering of strain gauges, specimens ICT and ICC ................. 231 
Figure B.3 Arrangement and numbering of external measurement............................................ 232 
Figure C.1 Global measurement data, specimen IPH................................................................. 233 
Figure C.2 Relationship between deformations, specimen IPH ................................................. 234 
Figure C.3 Relationship between loads, specimen IPH.............................................................. 234 
Figure C.4 Loads vs Deformations, specimen IPH..................................................................... 235 
Figure C.5 Longitudinal reinforcement strain history, specimen IPH........................................ 236 
Figure C.6 Spiral strain history, specimen IPH .......................................................................... 237 
Figure C.7 String Pot, specimen IPH.......................................................................................... 238 
Figure C.8 Linear potentiometers, specimen IPH....................................................................... 239 
Figure C.9 Average displacement of Linear potentiometers, specimen IPH.............................. 240 
Figure C.10 Global measurement data, specimen IPV............................................................... 241 
Figure C.11 Relationship between deformations, specimen IPV ............................................... 242 
Figure C.12 Relationship between loads, specimen IPV............................................................ 242 
Figure C.13 Loads vs Deformations, specimen IPV................................................................... 243 
Figure C.14 Longitudinal reinforcement strain history, specimen IPV...................................... 244 
Figure C.15 Spiral strain history, specimen IPV ........................................................................ 245 
Figure C.16 String Pot, specimen IPV........................................................................................ 246 
Figure C.17 Linear potentiometers, specimen IPV..................................................................... 247 
Figure C.18 Average displacement of Linear potentiometers, specimen IPV............................ 248 
Figure C.19 Global measurement data, specimen ICT............................................................... 249 
   xvi
Figure C.20 Relationship between deformations, specimen ICT ............................................... 250 
Figure C.21 Relationship between loads, specimen ICT............................................................ 250 
Figure C.22 Loads vs Deformations, specimen ICT................................................................... 251 
Figure C.23 Longitudinal Strain, specimen ICT......................................................................... 252 
Figure C.24 Spiral Strain, specimen ICT.................................................................................... 253 
Figure C.25 Global measurement data, specimen ICC............................................................... 254 
Figure C.26 Relationship between deformations, specimen ICC............................................... 255 
Figure C.27 Relationship between loads, specimen ICC............................................................ 255 
Figure C.28 Loads vs Deformations, specimen ICC .................................................................. 256 
Figure C.29 Longitudinal Strain, specimen ICC ........................................................................ 257 







1.1 Statement of the Problem 
Moderate-to-large magnitude earthquakes - e.g., the Loma Prieta (1989) and Northridge 
earthquakes (1994) in California and the Hyogo-ken Nanbu earthquake (1995) in Kobe, Japan - 
have caused significant damage to RC structures. In these past earthquakes, shear behavior of 
concrete columns was one of the major causes of damage. Previous investigations (e.g., 
Papazoglou and Elnashai, 1996), have attributed the observed failure to the reduction of shear 
strength caused by vertical ground motion effects. In the meantime, modern codes neglect or 
underestimate the effects of vertical ground motion, to the detriment of structures especially in 
the vicinity of active faults. Therefore, seismic design of RC structure without consideration of 
vertical ground motion may result in unquantifiable levels of risk from collapse. Many studies 
reported data showing that the vertical peak acceleration may be even higher than the horizontal 
value. Examples of the studies include Abrahamson and Litehiser (1989), Ambraseys and 
Simpson (1996), Elnashai and Papazoglou (1997), Collier and Elnashai (2001), and Elgamal and 
He (2004). Moreover, the dependence of response on the arrival time of peak vertical and 
horizontal ground motion could be an important parameter that has hitherto not been thoroughly 
investigated. Therefore, the investigation of effects of vertical ground motion on RC structures 
taking into account an appropriate vertical-to-horizontal peak ground acceleration ratio (V/H) 
and time interval is needed. 
Furthermore, vertical members of RC structures are subjected not only to axial actions 
due to dead and live loads but also to combined varying axial force, moment and shear when 
excited by earthquake ground motion. Since axial load affects shear and moment capacity of 
reinforced concrete elements, failure analysis should carefully consider all relevant input motion 
components. The combined effect of over-turning and multi-axial input leads to significant 
variation in axial loads on columns. The varying axial loads lead to changes in the balance 
between their supply and demand in axial, moment and shear that do not lend themselves to 
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prediction by simple models. Analytical solutions that were developed for such combined 
loadings have not been sufficiently proven, due to the lack of large scale experiments. 
Experimental investigations of the above-described factors represent the best way forward. 
However, experiments are expensive and time-consuming, and should therefore be steered by 
extensive analysis. Also, laboratories are restricted by scale and capacity, especially when 
dealing with problems of even medium span bridges or RC buildings subjected to complex 
loadings. Therefore, extensive analysis as well as large scale testing to overcome the laboratory 
restrictions is necessary to understand the impact of varying vertical motions on the shear-
flexural-axial interaction behavior of vertical members of RC structures under combined loading. 
1.2 Objectives and Scope of Research 
The main purpose of this study is to investigate the effect of vertical ground motion on 
RC bridges and buildings using analytical and experimental methods. To achieve this goal, the 
following tasks were identified and completed: 
• Analytical Investigation 
o Evaluate the seismic performance of RC buildings with emphasis on the effect of 
vertical ground motion taking into account a recent devastating earthquake as a 
case study 
o Assess the effect of various peak vertical-to-horizontal acceleration (V/H) ratios 
on RC bridges 
o Study the effect of time intervals between the arrival of vertical and horizontal 
peaks of given earthquake records on RC bridges 
 
• Experimental Investigation 
o Verify and extend functionality of the MUST-SIM facility through the Multi-Site 
Soil-Structure-Foundation Interaction Test (MISST), which was conducted by 
collaborating partners at the University of Illinois at Urbana-Champaign, Lehigh 
University, and Rensselaer Polytechnic Institute 
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o Investigate the effect of vertical ground motion on RC bridge pier by employing 
sub-structured pseudo-dynamic (SPSD) tests with combined horizontal and 
vertical excitations of earthquake ground motion 
o Evaluate the effect of the different axial load levels on RC bridge pier by 
employing cyclic static tests with different constant axial load levels 
 
As mentioned in the previous section, there exist many challenges for experimental 
testing of large structures due to size and capacity limitations of testing facilities, as well as the 
complexity associated with multi-dimensional testing. To overcome the above difficulties, 
advanced hybrid (testing-analysis) simulations were conducted by employing the Multi-Axial 
Full-Scale Sub-Structured Testing and Simulation (MUST-SIM) Facility at the University of 
Illinois Urbana-Champaign. The MUST-SIM facility is one of the fifteen ‘George E. Brown Jr. 
Network for Earthquake Engineering Simulation (NEES)’ sites that provide distributed 
experimental-computational simulation capabilities to the earthquake engineering community. 
Analytical investigation outputs will be useful in steering tests and for researchers 
interested in accurate seismic assessment of RC structures. It is anticipated that the large scale 
experiments will serve as a guideline and reference of hybrid simulation testing using large-scale 
facilities. The results obtained from the hybrid simulation can used to propose appropriate design 
and assessment guidelines for codes as well as provide the designer with appropriate means for 
determining the appropriate limit states and structural response. 
1.3 Organization of Report 
The report has two main parts, namely (i) analytical assessment of RC buildings and 
bridges, and (ii) experimental assessment of RC bridges. Both parts focus on the effect of 
interaction between horizontal and vertical earthquake motion on RC members and systems. To 
present these two parts, the report is structured in nine chapters. Summaries of the contents of the 
nine chapters are given hereafter.  
Chapter 1 presents the motivation, objective and scope of the present study, thus 
emphasizing the gap of knowledge that the report aims to fulfill.  
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Chapter 2 focuses on the characteristics of the vertical component of ground motion by 
introducing field observation and literature review of previous work. The critical factors for 
seismic assessment accounting for vertical ground motion are introduced. Previous analytical 
studies on the effect of vertical ground motion on RC structure and design consideration of 
vertical ground motion in the modern seismic code are reviewed. Additionally, various 
assessment approaches of member shear strength are presented because the effect of vertical 
ground motion on the shear behavior of RC members is one of the primary foci in this study. 
Both code-type and analytical expressions are critically appraised. 
In Chapter 3, seismic assessment of RC buildings with emphasis on the effect of vertical 
ground motion is presented. The chapter uses the devastating Kashmir (Pakistan, 2005) 
earthquake as a case study. By using observations and data collected by the Mid-America 
Earthquake (MAE) Center field reconnaissance team, selection of a suite of records 
representative of the hazard at locations of major damage is undertaken. An ensemble of 
buildings is collated, representing (i) actual Pakistan reinforced concrete design, (ii) general non-
seismic and (iii) code-conforming buildings with different levels of detailing. The buildings are 
subjected to the selected records, including the vertical component of earthquake ground motion, 
and the effect of multi-axial excitation on RC buildings is thoroughly investigated.  
The analytical assessment of RC bridge structures accounting for the effect of vertical 
ground motion is addressed in Chapter 4. The parametric study presented in the chapter employs 
a 2-span bridge and considers different geometric configurations, such as varying span length 
and column height. The effects of the time intervals between vertical and horizontal peaks and 
V/H ratio are also studied using a vulnerable bridge damaged by a past earthquake and a bridge 
designed to modern seismic code as test beds. 
Chapter 5 starts with an overview of pseudo-dynamic (PSD) and sub-structuring test 
procedures, features of the MUST-SIM facility, and verification test results. The dynamic 
integration scheme adopted in PSD tests in this study is also introduced. The loading system and 
software required for loading control are presented. The Multi-Site Soil-Structure-Foundation 
Interaction Test (MISST) conducted as a verification experiment of MUST-SIM facilities and 
PSD test is discussed.  
The dedicated experimental program for investigating the effect of vertical ground 
motion, or different axial load levels, on a bridge pier is presented in Chapter 6. Details of the 
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test specimens, material properties, construction process, test setup, control issues and 
instrumentations are also described, including the structural idealization from the selected 
prototype structure.  
The contents of Chapter 7 comprise detailed experimental results from the tests described 
in Chapter 6, including damage description and captured response data. Two sub-structured 
pseudo-dynamic (SPSD) tests with and without vertical ground motion alongside two cyclic 
static tests subjected to constant axial tension and compression force are presented. The obtained 
test results are compared with analytical prediction.  
The penultimate Chapter 8 is an in-depth investigation and discussion of experimental 
results. The effect of vertical ground motion on the bridge piers is discussed through the 
comparison of the global and local responses obtained from two SPSD tests, while the effect of 
different levels of axial load is also addressed, using experimental results from two cyclic tests. 
The shear strengths of the test specimens are evaluated and compared by using both the 
conservative method of design codes and the more realistic predictive approach.  
The report concludes with Chapter 9, which gives a summary of the findings and 
conclusions drawn from the various chapters. Pressing needs for extension of the work 
undertaken to date and identified gaps are listed and the significance of the proposed issues is 




DEMAND FROM VERTICAL GROUND MOTION AND  
SUPPLY OF MEMBER SHEAR STRENGTH 
2.1 Introduction 
The characteristics of the horizontal components of earthquake ground excitation have 
been studied extensively in the last few decades, with both the structural earthquake engineering 
and the engineering seismology research focusing primarily on these components to mitigate 
seismic risk. In contrast, the vertical component of earthquake ground motion has been virtually 
ignored in earthquake engineering and engineering seismology. However, with the considerable 
increase in near-source strong motion recordings, and field evidence from recent earthquakes, 
awareness of the importance of vertical ground motion has gradually increased. For example, 
Papazoglou and Elnashai (1996), amongst a few others, drew attention to the significance of 
vertical ground motion and its damaging effects on structures.  In this chapter, the characteristics 
of vertical ground motion are introduced, including critical factors to be considered in seismic 
assessment. The current state of practice, as expressed by seismic design codes, pertaining to 
vertical motion is discussed.  
Additionally, since the effect of vertical ground motion on the shear behavior of RC 
members is one of the primary foci in this study, various assessment approaches of member 
shear strength are presented. The approach of design codes and simple predictive approach for 
shear capacity are discussed. 
2.2 Characteristics of Vertical Ground Motion 
2.2.1 Frequency Content 
The vertical component of earthquake ground motion is associated with the arrival of 
vertically propagating P-waves, while the horizontal component is more of a manifestation of S-
waves. The wavelength of P-waves is shorter than that of S-waves, which means that the vertical 
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component of ground motion has much higher frequency content than the horizontal component. 
Figure 2.1 illustrates the horizontal and vertical components of ground motion from the Sylmar 
converter station, Northridge earthquake (1994). The figure shows Fourier amplitude spectra, 
response spectra, and Arias intensity, which represents the energy content of ground motion. 
This figure confirms that higher frequency content is usually observed in vertical ground motion 
components, compared with horizontal motion.  
 





















(a) Ground motion 
 









































































            (b) Fast Fourier Transform                    (c) Response spectra                             (d) Arias Intensity 
Figure 2.1 Characteristics of vertical ground motion; Sylmar Converter station, Northridge 
earthquake 
 
Although the energy content over the frequency range of the vertical ground motion is 
lower than that of the horizontal ground motion, it has a tendency to concentrate all its energy in 
a narrow, high frequency band as depicted in Figure 2.1 (c) and (d). Therefore, such high 
frequency content leads to large amplifications in the short period range, which often coincide 
with the vertical period of RC members, thus causing significant response amplification, 
especially with regard to forces, as opposed to displacements. 
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2.2.2 Ratio of Peak Accelerations (V/H) 
  The significance of the vertical component of ground motion is often characterized by the 
vertical-to-horizontal peak ground acceleration (V/H) ratio. Many codes suggest scaling of a 
single spectral shape, originally derived for the horizontal component using an average V/H ratio 
of 2/3. This procedure was originally proposed by Newmark et al. (1973). As a result, all 
components of motion have the same frequency content in almost all design codes. The 
frequency content, however, is demonstrably different, as discussed in section 2.2.1 above. Also, 
the 2/3 rule for V/H is unconservative in the near-field and overconservative at large epicentral 
distances. Figure 2.2 shows V/H ratio of a subset of 452 earthquake records selected from the 
Pacific Earthquake Engineering Research (PEER) next generation attenuation (NGA) project 
database. The records are selected with source distance less than 50 km, relatively large 
interpolate earthquakes (Mw ≥ 6) with peak acceleration of 0.1 g or more. The distribution of 
V/H ratio indicates that the assumption of V/H ratio of 2/3 used in almost all codes can seriously 
underestimate actions on structures near source and overestimate the actions at large distances. It 
is also observed that V/H ratios for most cases are within 2.0 and several cases exceed 2.5, which 
are shown along the top of the plot at their respective distances and with their values of V/H 
indicated. Recent studies such as Abrahamson and Litehiser (1989), Ambraseys and Simpson 
(1996), Elgamal and He (2004), and Bozorgnia and Campbell (2004), amongst others, provide 
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Figure 2.3 Comparison of V/H attenuation curves of Abrahamson et al. (1989) and Ambraseys et 
al. (1996) with 2/3 rule (after Elnashai and Papazoglou, 1997) 
 
2.2.3 Time Interval between Peak Vertical and Horizontal Ground Motion 
It is prudent to study the relationship between the timing of peak response in the 
horizontal and vertical components of ground motion. The early arrival of the vertical motion 
may cause shakedown of the structure prior to the arrival of horizontal motion, thus significantly 
affecting the structural response. On the other hand, the coincidence of vertical and horizontal 
peaks would cause high levels of distress in structural members. Therefore, the inclusion of 
realistic input motion in both vertical and horizontal directions is necessary.  
Many records show that significant vertical ground motion occurs earlier than horizontal 
motion as shown in Figure 2.4 (a), while others exhibit a near coincidence in time as illustrated 
in Figure 2.4 (b). Time intervals between the arrival of peak vertical and horizontal motion 
shown in Figure 2.4 (a) and (b) are 2.78 sec and 0.025 sec with high V/H ratio, respectively. 
Such characteristic of vertical motion is dependent on the magnitude and source distance. 
Elnashai and Collier (2001) investigated the time interval by using records from Imperial Valley 
(1979) and Morgan Hill (1984) earthquakes. They considered 32 records at various distance with 
similar site conditions. The study concluded that the time interval increases with distance from 
source and should be taken as zero for a distance of 5 km from the source. Figure 2.5 illustrates 
the distribution of the time interval between peaks of horizontal and vertical ground motions 
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shown in Figure 2.2. It should be noted that site conditions and azimuth are not considered in 
order to focus on the general trend of time interval. Figure 2.5 indicates that time interval 
between peaks vary with source distance but are within 5 sec for most cases.  
 
 






















Time lag: 2.78 sec
V/H Ratio: 1.79
 
(a) Non-coincidence of horizontal and vertical motions, Arleta Fire station, Northridge (1994). 
 






















Time lag: 0.025 sec
V/H Ratio: 1.22
 
(b) Coincidence of horizontal and vertical motions, Capitola station, Loma Prieta (1989) 
Figure 2.4 Examples of earthquake record exhibiting non-coincidence and coincidence of 
horizontal and vertical motions 
 
































Figure 2.5 Distribution of time interval with respect to distance and earthquakes 
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2.3 Effect of Vertical Ground Motion on the Structure 
2.3.1 Field Evidence of Damage Due to Vertical Motion 
As previously mentioned, there is an abundance of field evidence that points towards 
damage to RC structures caused by vertical ground motion. Such evidence exists from recent 
earthquakes, such as those of Loma Prieta (1989), Northridge (1994), Hyogo-ken Nanbu (1995) 
and Yogyakarta (2006) earthquakes. Papazoglou and Elnashai (1996) have attributed the 
observed failures in their paper to vertical ground motion effects.  
For example, several highway bridges suffered serious damage as well as total or partial 
collapse during the Northridge earthquake. One of the bridges which suffered substantial damage 
was the Collector-Distributor 36 of the Santa Monica Freeway (I10), California. The bridge 
forms part of a pair of off-ramps from the eastbound carriageway of the I-10 freeway at La 
Cienega-Venice Undercrossing and was designed and constructed between 1962 and 1965. The 
ramp was located some 25km to the south-east of the epicenter. The piers supporting the bridge 
experienced varying levels of damage, the extent of which was inversely proportional to pier 
height. In particular, pier 6 experienced spectacular failure and was the most damaged of all the 
columns. Shear failure occurred in the lower half of the pier where the concrete cover completely 
spalled over the height and the concrete core disintegrated. Moreover, all longitudinal 
reinforcement bars buckled symmetrically and the transverse hoops opened, leaving the pier with 
permanent axial deformation, as shown in Figure 2.6 (a). Evidence suggests that the collapse of 
this pier can be partly attributed to the instantaneous reduction of shear strength caused by 
vertical motion and the resulting fluctuation of the pier axial load, as substantiated in Chapter 4 
of this study.   
As an additional example, from the numerous bridge failures in Kobe, a particular failure 
mode was observed which is strongly attributable to an increase in pier axial compressive forces 
caused by vertical ground motion (Papazoglou and Elnashai, 1996). In particular, compression 
failures have been induced, manifested by symmetric outward buckling of longitudinal 
reinforcement and crushing of the concrete at mid-height of circular piers. Limited, or no, 
bending rotations were observed in the crushed zones. As shown in Figure 2.6 (b), such failures 









(a) Pier 6 of collector distributor 36 damaged 
by Northridge earthquake (1994) 
(b) Series of compressive failure along piers 
of the Hanshin Expressway by Kobe earthquake (1995) 
Figure 2.6 RC structures damaged by past earthquakes, Papazoglou and Elnashai (1996) 
 
Building damage caused by vertical ground motion was observed in the recent earthquake 
of Yogyakarta in Indonesia. A damaging earthquake of moment magnitude Mw 6.3 hit the 
central region of the Island of Java in Indonesia on 26 May 2006, causing widespread destruction 
and loss of life and property. Elnashai et al. (2006) reported their field observations. The study 
reported damage to the built environments as well as geotechnical effects. Figure 2.7 shows the 
damage inflicted on the GOR Sport Stadium, which is a two story high reinforced concrete 
structure. The main collapse mechanism is the failure of perimeter columns by inward flexure, 
under the downward inertia load effect of the heavy truss roof. The steel truss carried 
exceptionally heavy roof titles, perhaps three or more kilograms each. The observed failure 
mechanism is that the damaged columns of the second story were mostly bent inwards. This 
could be due to the vertical ground motion leading to very high vertical forces applied on the 
heavy roof, resulting in the inward failure of all perimeter columns. 
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                                   (a) Damage overview                                                            (b) Column failures 
Figure 2.7 GOR Sport Stadium, Yogyakarta earthquake, Elnashai et al. (2006) 
 
In current design procedures, the design of interior columns of a building is not greatly 
influenced by increased axial loads due to overturning. However, vertical excitation causes a 
uniform increase in the axial force response of all columns in the same storey. Therefore, it could 
be inferred that the interior columns are more vulnerable to vertical ground motion. Examples of 
interior column failure are shown in Figure 2.8. The interior column of the IBIS hotel shown in 
Figure 2.8 (a) has mainly failed in compression, while that of the IAI shown in Figure 2.8 (b) 
suffered failure caused by compressive axial and shear interaction. Additional, various examples 
of building damage caused by vertical ground motion can also be found in the study by 
Papazoglou and Elnashai (1996). The field observations presented above indicate that there are 
failure modes that cannot be explained by considering shear and flexural response only. In such 
cases, it is likely that axial overstressing provides a more convincing justification of the observed 
damage. This means that RC structures can experience failure due to the reduction of capacity 
caused by fluctuation of axial force due to strong vertical ground motion, in addition to failure 
due to direct tension or compression. However, this axial load effect is not normally accounted 
for in the design process. 
 
  14
              
                            (a) 1st storey, IBIS hotel                          (b) 1st storey, Indonesian Art Institute 
Figure 2.8 Failure of interior columns, Yogyakarta earthquake, Elnashai et al. (2006) 
 
2.3.2 Previous Studies on RC Structure 
As described above, the observations of failure modes from past earthquakes confirmed 
the potentially damaging effect of high vertical earthquake forces. Several studies were 
published concerning the effect of the vertical component of ground motion on RC structures. 
The earliest investigation of the effect of vertical ground motion on RC structure was conducted 
by Saadeghvaziri and Foutch (1991). Papazoglou and Elnashai (1996) drew attention the 
significance of studying the effect of vertical ground motion on structures by introducing field 
evidence supported by sample analytical studies. In this section, a number of analytical studies 
carried out on RC structures are reviewed briefly by focusing on the effect on the vertical 
member of RC structure. 
 
2.3.2.1 RC Bridges 
Saadeghvaziri and Foutch (1991) investigated, using artificial records, the inelastic 
response of RC highway bridges, which consist of two spans with either a single- or double-
column bent at the center. They showed that vertical motion generated fluctuating axial forces in 
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the columns, resulting in fluctuation in the shear capacity of the column. The study concluded 
that the damage caused by the vertical component is minimal for earthquake motions with an 
effective peak acceleration of 0.4 g or lower. The structure can suffer considerably more damage 
for earthquake motions with effective peak acceleration of 0.7 g or higher.  
Broderick and Elnashai (1995) performed a 3-D nonlinear analysis of a highway bridge 
damaged by the Northridge earthquake in order to evaluate the critical response parameters. 
They used the ground motion record obtained from the Santa Monica City Hall - the closest 
available record. They found that vertical ground motion caused the fluctuation of axial load on 
the pier, undermining its shear capacity; an observation which is consistent with the failure mode 
observed in the field. 
Yu (1996) analyzed the effects of the vertical component of motion on piers, foundations, 
hinges, and bearings of the three overpass bridges using the Sylmar Hospital (Northridge) record 
as an input motion. The study found over 20% increase in the axial force compared to dead load 
and a 7% increase in the longitudinal moment imposed on the pier due to the addition of the 
vertical component.  
Button et al. (2002) evaluated the response of 6 different bridges subjected to the 
combined horizontal and vertical components of ground motion, representing events with 
magnitudes 6.5 and 7.5. However, most of their work was limited to linear analyses. Response 
spectrum analyses with six different bridges and linear dynamic analyses with three of six 
different bridges were conducted, while nonlinear analysis with one of six bridges was 
performed. From linear analyses, they concluded that values of horizontal response quantities 
were not significantly influenced by vertical ground motion, but that axial force was significantly 
affected, especially when a bridge site has a fault distance of less than 10~20 km.  
Recently, Kunnath et al. (2008a) examined a two-span highway bridge with double-
column bent considering six different structural configurations. They found that the vertical 
component of ground motion causes significant amplification in the axial force demand in the 
columns and moment demands in the girder at both the midspan and at the face of the bent cap. 
The increase in girder moment due to vertical motion caused the demand to exceed the capacity, 




2.3.2.2 RC Buildings 
Antoniou (1997) and Ghobarah and Elnashai (1998) investigated the effects of vertical 
ground motion on RC buildings. The former analyzed an 8-storey RC building designed to high 
ductility class in EC8 with a design acceleration of 0.3g, while the latter employed a 3-storey 
non-ductile RC building and an 8-storey RC building designed to EC8. These analyses indicated 
that the vertical component of ground motion did not significantly affect the roof displacement 
and interstorey drift, while it led to accumulated damage by 10% to 20% according to Ghobarah 
and Elnashai (1998). According to Antoniou (1997), the demand in compressive force increased 
up to 100% or even more, whereas significant tensile force developed in columns due to vertical 
ground motion. This significant fluctuation of axial force increased the possibility of the shear 
failure in the column. 
Collier and Elnashai (2001) proposed simplified procedures to combine vertical and 
horizontal ground motions, and analyzed a 4-storey RC frame of typical 1960s European 
construction. Their emphasis was placed on the effect on the vertical period of structural 
vibration considering various V/H ratios and time intervals between horizontal and vertical peak 
acceleration. They concluded that the vertical period of vibration can be affected significantly by 
the amplitude of both vertical and horizontal accelerations. It was also identified that the 
interaction effect of the horizontal motion as a function of the time interval is significant when 
the time interval between peaks is less than 2 sec. 
Recently, Mwafy and Elnashai (2006) conducted extensive analyses with three different 
RC frame groups including 8-storey irregular frame, 12-storey regular frame, and 8-storey 
frame-wall building, where each ground has 4 different design levels, resulting in total 12 RC 
buildings. They concluded that the effect of vertical ground motion increases when the 
contribution of the lateral seismic action is relatively small, such as in low-rise buildings and 
interior columns of taller structures at higher stories. They indicated that global response 
parameters may increase by more than 20% at the design PGA and the interstorey drift of 
collapse limit state was frequently reached at lower earthquake intensities when the effect of 
vertical ground motion was included. It was also observed that the axial compressive forces in 
columns increased by up to 45% and tensile forces were detected only when vertical ground 
motion was included. It was reported that vertical ground motion increased the curvature 
ductility demand by nearly 60%.  
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2.4 Overview of Modern Seismic Codes  
As mentioned before, most seismic codes utilize vertical spectra that are derived from 
their horizontal counterparts. For example, the Uniform Building Code (UBC, 1997) suggests 
that the vertical component of ground motion may be defined by scaling the horizontal 
acceleration by a factor of 2/3. Recently, several design codes including Eurocode (EC8) and 
Egyptian code (2000) suggest vertical spectra that are distinct from horizontal spectra. Moreover, 
a project funded by the California Department of Transportation (Caltrans) has been completed 
to develop the seismic guidelines for vertical ground motion effects on highway bridges 
(Kunnath et al, 2008a). 
 Figure 2.9 (a) compares the horizontal and vertical spectra of the UBC 97 and the EC8, 
which are normalized to the horizontal PGA. The vertical spectrum of the UBC 97 is derived by 
using the 2/3 rule in order to scale down the horizontal spectrum. The horizontal spectra of both 
codes are almost identical, while the vertical spectra are considerably different in terms of 
frequency contents and amplitude. This is due to the deficiency in the vertical spectra of the 
UBC 97 such as scaling of the horizontal spectra shape using V/H ratio of 2/3. Figure 2.9 (b) 
compares the vertical spectra normalized to vertical PGA of natural earthquake records and the 
EC8. The EC8 spectrum matches very well the vertical acceleration spectra in terms of 
amplification and shape.  
 


































































(a) Horizontal and vertical spectra in seismic codes (b) Vertical acceleration response spectra with EC 8 vertical spectrum 
Figure 2.9 Comparison of response spectra in seismic codes 
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Figure 2.10 shows the vertical spectra of the EC8 and Egyptian code (2000). As listed in 
Table 2.1, the two codes recommend response spectra for vertical acceleration subdivided into 
two types. It is recommended that the Type 2 spectrum be adopted if the earthquake that 
contributes most to the seismic hazard defined for the site, for the purpose of probabilistic hazard 
assessment, has a surface-wave magnitude, Ms, not greater than 5.5. In which case, the ratio of 
vertical-to-horizontal peaks is taken at 0.45. Type 1 spectrum is used otherwise, where the V/H 
ratio is set to 0.9.  The corner periods of both types are unrelated to the horizontal corner periods, 
but rather reflect the observed strong-motion characteristics. The vertical elastic response 














Figure 2.10 Response spectrum for vertical acceleration (EC8 and Egyptian code) 
 
Table 2.1 Recommended values of parameters for the vertical response spectrum (EC8 and 
Egyptian code) 
Spectrum av/ah TB TC TD 
Type 1 0.9 0.05 0.15 1 




( ) ( )ve0 :  S 1 3.0 1B v
B
TT T T a
T
η⎡ ⎤≤ ≤ = ⋅ + ⋅ ⋅ −⎢ ⎥⎣ ⎦  (2.1) 
( )ve:   S 3.0B C vT T T T a η≤ ≤ = ⋅ ⋅  (2.2) 
( )ve:   S 3.0 CC D v TT T T T a Tη
⎡ ⎤≤ ≤ = ⋅ ⋅ ⋅⎢ ⎥⎣ ⎦  (2.3) 
( )ve 2.4sec :   S 3.0 C DD v T TT T T a Tη
⎡ ⎤≤ ≤ = ⋅ ⋅ ⎢ ⎥⎣ ⎦  (2.4) 
where, Se (T)  Ordinate of the elastic response spectrum, 
T Vibration period of a linear single degree of freedom system, 
av Design vertical ground acceleration for the reference return period, 
TB, TC Limits of the constant spectral acceleration branch, 
TD Value defining the beginning of the constant displacement response range of the 
spectrum, 
η Damping correction factor with reference value η=1 for 5% viscous damping, 
( )10 / 5 0.55η ξ= + ≥ ,  














2.5 Assessment of Member Shear Strength 
Shear failure is initiated by inclined cracks that are influenced not only by shear force, 
but also moments and axial loads. Shear failure depends on numerous factors such as the 
dimensions, geometry, loading, and material properties of members. Due to the level of 
complications of shear behavior and the difficulties of shear design, shear behavior and strength 
of members have been major areas of research in reinforced concrete structures for decades. 
Different researchers place different levels of relative importance on the basic mechanisms of 
shear transfer. This section introduces the approach of design codes and some simple predictive 
approaches for shear capacity. 
 
2.5.1 Approach of Design Codes 
2.5.1.1 ACI 318-05 
The nominal shear strength nV  is the summation of the concrete ( cV ) and steel 
contribution ( sV ) given by: 
n c sV V V= +  (2.5) 
where, sV  provided by shear reinforcement is calculated based on the 45






=  (2.6) 
where, vA  is the area of shear reinforcement within spacing s , yf  is the steel yield 
strength, and d  is the effective depth, taken as 0.8 times the diameter for circular columns. The 
concrete contribution cV  can be calculated in several ways according to loading conditions. For 
members subject to shear and flexure only,  
'2 ( )c c wV f b d lbs=  (2.7) 
where, wb  is the web width and 
'
cf  is the concrete compressive strength. For members 
subject to axial compression and significant axial tension,  
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NV f b d lbs
A
⎛ ⎞= +⎜ ⎟⎜ ⎟⎝ ⎠
 for axial compression  (2.8) 





NV f b d lbs
A
⎛ ⎞= +⎜ ⎟⎜ ⎟⎝ ⎠
     for axial tension (2.9) 
where, gA  is gross area of section and axial force uN  is positive for compression and 
negative for tension. To account for the effects of axial compression and tension, a modification 
factor or adjustment is applied in these equations. For members subjected to shear and flexure 
only, ACI provides a refined method for estimating the strength more accurately, given by: 
' '1.9 2500 3.5 ( )uc c w w c w
u
V dV f b d f b d lbs
M
ρ⎛ ⎞= + ≤⎜ ⎟⎝ ⎠   (2.10) 
Where, uM  is the factored moment occurring simultaneously with factored shear force 
uV  at section and /w s wA b dρ = . /u uV d M  should not be taken greater than 1.0. For member 
subjected to shear and flexure with axial compression, Eq. (2.10) is modified with mM  
substituted for uM  and /u uV d M  not then limited to 1.0 and the updated upper limit given by 
' '1.9 2500 3.5 1 ( )
500
u u
c c w w c w
m g
V d NV f b d f b d lbs
M A
ρ⎛ ⎞= + ≤ +⎜ ⎟⎝ ⎠  (2.11) 
where, (4 )
8m u u
h dM M N −= −  (2.12) 
 
2.5.1.2 AASHTO LRFD Bridge Design Specifications (2005) 
AASHTO (American Association of State Highway and Transportation Officials) LRFD 
Bridge Design Specification provides that shear resistance of a concrete member can be 
separated into the components cV , that relies on tensile stresses in concrete,  sV , that relies on 
tensile stresses in the transverse reinforcement, and pV , that is the vertical component of the 
prestressing force. Thus,  
n c s pV V V V= + +  (2.13) 
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The component of concrete and transverse reinforcement can be determined as: 
'0.083 (in mm-N)c c v vV f b dβ=  (2.14) 
(cot cot )sin (in mm-N)v v vs
A f dV
s
θ α α+=   
where, vb  effective web width taken as the minimum web width with the depth vd  shown in 
Figure 2.11 
vd  effective shear depth. For the circular section,  vd  can be computed by 
 0.9 where, / 2 /v e e rd d d D D π= = +  as shown in Figure 2.11 
β  factor for ability of diagonally-cracked concrete to transmit tension 
θ  angle of inclination of diagonal compressive stresses (Deg.) 
α  angle of inclination of transverse reinforcement to longitudinal axis (Deg.)  
 
 
Figure 2.11 Illustration of terms vb , vd and ed for circular column, AASHTO 2005 
 
The expressions cV  and sV  apply to both prestressed and nonprestressed sections, with 
the terms β  and θ  depending on the applied loading and the properties of the section. For 
sections containing at least the minimum amount of transverse reinforcement the value of the β  
and θ  shall be as specified in Table 2.2 which is originally calculated from the Modified 
Compression Field Theory (MCFT, Vecchio and Collins, 1986). To use this table, xε  should be 
taken as the longitudinal strain at the mid-depth of the member when the section is subjected to 





ε εε +=  (2.15) 
where, tε  and cε  are positive for tensile strains and negative for compressive strains. 
 
Table 2.2 Values of θ  and β  for sections with transverse reinforcement, AASHTO 2005 
1000xε ×  / 'u cv f  
≤ -0.20 ≤ -0.10 ≤ -0.05 ≤ 0 ≤ 0.125 ≤ 0.25 ≤ 0.50 ≤ 0.75 ≤ 1.00 
≤ 0.075 θ  22.3 20.4 21.0 21.8 24.3 26.6 30.5 33.7 36.4 
 β  6.32 4.75 4.1 3.75 3.24 2.94 2.59 2.38 2.23 
≤ 0.100 θ  18.1 20.4 21.4 22.5 24.9 27.1 30.8 34.0 36.7 
 β  3.79 3.38 3.24 3.14 2.91 2.75 2.5 2.32 2.18 
≤ 0.125 θ  19.9 21.9 22.8 23.7 25.9 27.9 31.4 34.4 37.0 
 β  3.18 2.99 2.94 2.87 2.74 2.62 2.42 2.26 2.13 
≤ 0.150 θ  21.6 23.3 24.2 25.0 26.9 28.8 32.1 34.9 37.3 
 β  2.88 2.79 2.78 2.72 2.6 2.52 2.36 2.21 2.08 
≤ 0.175 θ  23.2 24.7 25.5 26.2 28.0 29.7 32.7 35.2 36.8 
 β  2.73 2.66 2.65 2.6 2.52 2.44 2.28 2.14 1.96 
≤ 0.200 θ  24.7 26.1 26.7 27.4 29.0 30.6 32.8 34.5 36.1 
 β  2.63 2.59 2.52 2.51 2.43 2.37 2.14 1.94 1.79 
≤ 0.225 θ  26.1 27.3 27.9 28.5 30.0 30.8 32.3 34.0 35.7 
 β  2.53 2.45 2.42 2.4 2.34 2.14 1.86 1.73 1.64 
≤ 0.250 θ  27.5 28.6 29.1 29.7 30.6 31.3 32.8 34.3 35.8 










The mid-depth strain xε  can also be calculated by using the applied loading and the 
properties of the section. For sections containing at least the minimum transverse reinforcement: 
( / 0.5 0.5 cot
0.001
2( )
u v u u p ps po
x
s s p ps
M d N V V A f
E A E A
θε + + − −= ≤+  (2.16) 
where, psA  area of prestressing steel on the flexural tension side of the member shown in 
Figure 2.12 
pof  a parameter taken as modulus of elasticity of prestressing tendons 
uN  factored axial force, positive if tensile and negative if compression (N) 
uM  factored moment, not to be taken less than u vV d  (N-mm) 
uV  factored shear force (N) 
If xε  from Eq. (2.16) is negative, the strain shall be taken as: 
( / 0.5 0.5 cot )
2( )
u v u u p ps po
x
s s c c p ps
M d N V V A f
E A E A E A
θε + + − −= + +  (2.17) 
  where, cA  area of concrete on the flexural tension side of the member shown in Figure 2.12 
 
As indicated in Table 2.2, the limit of the mid-depth strain xε  is specified as 0.001. 
However, the mid-depth strain xε , under large deformation which can be encountered readily in 
laboratory experiments, can exceed this limit. Therefore, in order to consider such cases, the 
extended xε shown in Table 2.3 is adopted in this study. This table is from Collins et al. (2002) 
and values of β  and θ  for xε equal to 0.005 and 0.010 have been included for evaluating the 








Table 2.3 Extended values of θ  and β , Collins et al (2002). 
1000xε ×  / 'u cv f  
≤ -0.2 ≤ -0.1 ≤ -0.05 ≤ 0 ≤ 0.125 ≤ 0.25 ≤ 0.5 ≤ 0.75 ≤ 1.0 ≤ 1.50 ≤ 2.0 ≤ 5.0 ≤ 10.0
≤ 0.075 θ  22.3 20.4 21 21.8 24.3 26.6 30.5 33.7 36.4 40.8 43.9 53.1 60.4 
 β  6.32 4.75 4.1 3.75 3.24 2.94 2.59 2.38 2.23 1.95 1.67 1 0.63 
≤ 0.100 θ  18.1 20.4 21.4 22.5 24.9 27.1 30.8 34 36.7 40.8 43.1 52.4 60 
 β  3.79 3.38 3.24 3.14 2.91 2.75 2.5 2.32 2.18 1.93 1.69 1.02 0.64 
≤ 0.125 θ  19.9 21.9 22.8 23.7 25.9 27.9 31.4 34.4 37 41 43.2 52 59.7 
 β  3.18 2.99 2.94 2.87 2.74 2.62 2.42 2.26 2.13 1.9 1.67 1.02 0.64 
≤ 0.150 θ  21.6 23.3 24.2 25 26.9 28.8 32.1 34.9 37.3 40.5 42.8 51.7 - 
 β  2.88 2.79 2.78 2.72 2.6 2.52 2.36 2.21 2.08 1.82 1.61 1.02 - 
≤ 0.175 θ  23.2 24.7 25.5 26.2 28 29.7 32.7 35.2 36.8 39.7 42.2 51.7 - 
 β  2.73 2.66 2.65 2.6 2.52 2.44 2.28 2.14 1.96 1.71 1.54 1.01 - 
≤ 0.200 θ  24.7 26.1 26.7 27.4 29 30.6 32.8 34.5 36.1 39.2 41.7 51.4 - 
 β  2.63 2.59 2.52 2.51 2.43 2.37 2.14 1.94 1.79 1.61 1.47 0.98 - 
≤ 0.225 θ  26.1 27.3 27.9 28.5 30 30.8 32.3 34 35.7 38.8 41.4 - - 
 β  2.53 2.45 2.42 2.4 2.34 2.14 1.86 1.73 1.64 1.51 1.39 - - 
≤ 0.250 θ  27.5 28.6 29.1 29.7 30.6 31.3 32.8 34.3 35.8 38.6 41.2 - - 
 β  2.39 2.39 2.33 2.33 2.12 1.93 1.7 1.58 1.5 1.38 1.29 - - 
 
 
2.5.1.3 Eurocode 2 (2004) 
In Eurocode 2 (EC2), the design value of shear resistance RdV  can be calculated for 
members requiring or not requiring design shear reinforcement. For members not requiring shear 
reinforcement, the design value of the shear resistance is expressed as ,Rd cV . For members 
requiring shear reinforcement, the design value of shear resistance can be obtained as the least of 
,Rd sV  and ,maxRdV , where ,Rd sV  is the design value of the shear force which can be sustained by the 
yielding shear reinforcement and ,maxRdV  is the design value of the maximum shear force which 
can be sustained by the member, limited by crushing of the compression struts. Therefore, for the 
purpose of assessment of members, shear strength capacity can be determined as the sum of 




, , 1[ (100 ) ]Rd c Rd c l ck cp wV C k f k b dρ σ= +  (2.18) 
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where, ckf  compressive strength in MPa. 
 0.18 /Rd cC γ= , where normally cγ =1.5  
 2001 2.0 with in mmk d
d





ρ = ≤ , MPa  
slA  area of the tensile reinforcement, which extends ≥ (lbd + d) beyond the section 
considered (see Figure 2.13). 
/ 0.2cp Ed c cdN A fσ = < , MPa 
EdN  axial force as positive for compression 
 
 
Figure 2.13 Determination of slA , EC2 (2004) 
 
For members with vertical shear reinforcement, the shear resistance ,Rd sV given by 
, cotswRd s ywd
AV z f
s
θ=  (2.19) 
where, z=0.9d and the limiting values of cotθ  for use in a Country may be found in its 
National Annex. The recommended limits are given in 
1 cot 2.5θ≤ ≤  ( 22 45o oθ≤ ≤ ) (2.20) 
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2.5.2 An Analytical Approach for Capacity Prediction 
In general, shear strength models provided by most codes cannot be utilized to predict 
shear strength in assessment studies since they are intended to provide a conservative and safe 
lower bound to strength. Some models also do not account for important response features such 
as the interaction between shear, flexure and axial force. Recently, considerable experimental 
research (Vecchio and Collins, 1986; Ang et al., 1989; Watanabe and Ichinose, 1991; Wong et 
al., 1993; Priestley et al., 1994; Kowalsky and Priestley, 2000) has been directed towards a better 
definition of shear capacity of RC members. It should be noted that these models were developed 
from experiments with constant axial loads and have not been calibrated for the RC member with 
varying axial load due to the lack of large scale experiments. Therefore, it is questionable that 
these models can predict shear strength of RC members subjected to varying axial loads which 
can be caused by vertical ground motion. However, within the library of available models, the 
model of Priestley et al. (1994) presents low scatter about test results as shown in Table 2.4. This 
is mainly due to adopting a realistic shear crack inclination and accounting for the decrease of 
shear strength with the degradation of concrete due to inelastic deformations. Therefore, this 
model is chosen in the present study to predict the ultimate shear strength of RC members. Since 
it is beyond the scope of this report to review all previous studies regarding shear strength model, 
the approach by Priestley et al (1994) chosen in this study is presented in this section. 
 
Table 2.4 Comparison between experimental and analytical shear strength of different analytical 




columns data All data  





ASCE-ACI 426 1.209 0.226 1.630 0.306 1.424 0.342 
Ang et al. (1989) and 
Wong et al. (1993) 1.060 0.202 - - 1.060 0.202 
Watanabe and 
Ichinose (1991) 1.527 0.365 1.311 0.248 1.417 0.328 




The shear strength model proposed by Priestley et al. (1994) assumes that the strength 
consists of three independent components as follows: 
n c s pV V V V= + +   (2.21) 
where, cV  is the contribution of concrete shear resisting mechanism, sV is the contribution of the 
truss mechanism provided by shear reinforcement, and  pV  represents the shear resistance of the 
arch mechanism, provided by axial force.  cV  is given by: 
'
c c eV k f A=  (2.22) 
where,  ( )0.8 grosseA A=  is the effective shear area and  k  depends on the instantaneous 
displacement or curvature ductility, the system of units (MPa or psi), and on whether the member 
is subjected to uniaxial or biaxial ductility demand as shown in Figure 2.14. For assessing 































Figure 2.14 Strength degradation of shear strength as a function of column displacement or 
curvature ductility (Priestley et al., 1996) 
 
Table 2.5 Coefficient k for ductility level. 
Displacement ductility, dμ  K Curvature ductility, φμ K 
1dμ ≤  0.29 1φμ ≤  0.29 
1 3dμ< ≤  0.10+0.19×(3- dμ )/2 1 5φμ< ≤  0.10+0.19×(5- φμ )/4 
3 7dμ< ≤  0.05+0.05×(7- dμ )/4 5 13φμ< ≤  0.05+0.05×(13- φμ )/8
7 dμ<  0.05 13 φμ<  0.05 
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The contribution of transverse reinforcement to shear strength is based on the truss 
mechanism using a 30° angle of inclination between the shear cracks and the vertical column 















π=  (circular column)   (2.24) 
where vA  is the total transverse reinforcement area per layer and D´ is the distance between 
centers of the peripheral hoop in the direction parallel to the applied shear force.   
The shear strength enhancement by axial force is considered to result from an inclined 
compression strut given by:   
tan
2p
D cV P P
a
α −= =  (2.25) 
where D is section depth or diameter, c is the compression zone depth which can be determined 
from flexural analysis, and a  is the shear span which is L/2 for a column in reversed bending 
and L for a cantilever column. For double bending, the strut inclination is that of a line joining 
the centers of flexural compression zones at the top and bottom of the member as shown in 
Figure 2.15(a). For single bending, the strut is formed between the member axis at the point of 
zero moment and the centre of flexural compression zone at the point of maximum moment as 
shown in Figure 2.15 (b). Equation (2.25) implies that pV  increases with the decrease in the 
member aspect ratio. Hence, for slender members this component will be insignificant. Moreover, 
for an increasing axial load, and hence increasing depth of the flexural compression zone, the 
effectiveness of the pV  component will diminish. The separation of this term from the concrete 
term constitutes a deviation from the approach adopted in design codes. This enables 


























                                        (a) Reversed bending                         (b) Single bending 
Figure 2.15 Contribution of axial forces to shear strength, Priestley et al. (1994) 
 
2.6 Summary and Discussion 
In this chapter, the characteristics of vertical ground motion are presented including 
frequency content, vertical-to-horizontal peak ground acceleration (V/H) ratio, and time intervals 
between the arrival of the vertical and horizontal peaks. The current state of seismic codes and 
previous researches on the vertical ground motion effects on the RC structures is also discussed. 
The following are summary of this chapter. 
• The higher frequency content is observed in the vertical ground motion, compared 
with horizontal ground motion. The energy content of vertical ground motion tends to 
concentrate its energy in a narrow, high frequency band, leading to large 
amplifications in the short period range.  
• The distribution of V/H ratio of a set of earthquake records used in this study 
indicates that the assumption of V/H ratio of 2/3 used in almost all codes is 
underestimated near source and overestimated at large distances, which confirmed by 
previous literatures. It is also observed that the V/H ratios for most cases are within 
2.0.  
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• The distribution of the time interval between horizontal and vertical ground motions 
for the selected earthquake records indicates that time interval between peaks varies 
with source distance but is generally within 5 sec.  
• Considering observation above and previous literature, the V/H ratios and time 
intervals could be taken by up to 2 and 5 sec, respectively.  
• Field observations from recent earthquakes indicate that shear failure mode of vertical 
members in the RC structures is more convincingly attributable to high vertical 
earthquake-induced forces.  
• Previous researches on the effect of vertical ground motion on the RC structure 
indicate that high variation of axial load could lead to reduction in shear capacity of 
the vertical member and increase in the moment of the superstructure in bridge. 
However, the effect of V/H ratio and the arrival time intervals has not been 
thoroughly investigated.  Moreover, the experimental studies are sparse.  
• The vertical spectrum in most seismic code is derived from their horizontal 
component by a scale factor of 2/3, with exception of the Eurocode 8 (EC8) and 
Egyptian code (2000). Thus, such vertical spectrum is considerably different from 
vertical acceleration spectra of natural earthquake records in terms of amplification 
and shape. In contrast, the vertical spectra suggested by the EC8 and Egyptian code 







ANALYTICAL INVESTIGATION OF RC BUILDINGS 
3.1 Introduction 
This chapter describes an analytical study focusing on the effect of vertical ground 
motion on building structures. Earthquake ground motion is selected considering the 
characteristics of one of the most devastating earthquakes on record: the Kashmir earthquake of 
October 2005. The selection of this particular earthquake is based on the observation that it has 
inflicted massive, possibly unprecedented, levels of damage in RC structures. A suite of strong 
motion records from previous earthquakes representing the characteristics of the Kashmir 
earthquake are selected. The selection is undertaken using measured features of the few available 
records such as magnitude, fault depth and distance, peak ground motion and spectral ordinate 
attenuation relationships, energy characteristics and duration of records. The selected records are 
imposed on 15 RC buildings representing old and modern construction to cover the various 
levels of irregularity in plan and elevation, seismic design level and structural ductility. 
Conclusions are drawn with regard to the relative performance of the different types of building 
investigated, the effect of different levels of design and detailing, and the effect of the vertical 
earthquake component on damage.  
3.2 Overview of Kashmir Earthquake 
An earthquake of magnitude Mw 7.6 hit northern and north-eastern Pakistan at 8:50 AM 
Pakistan Standard Time on October 8, 2005. The location coordinates are 34.493N-73.629E, 
with a focal depth of 26 km. A large number of aftershocks, reaching more than 1000 with a 
magnitude of up to 6, were recorded in the first few weeks. With 73,000 dead, 70,000 injured, 
and more than 3.5 million people left homeless, the earthquake ranks among the worst natural 
disasters in the history of Pakistan and the Indian subcontinent. The total bill was in excess of 
five billion dollars in direct losses. 272,019 buildings were completely destroyed, while 182,886 
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were damaged to various degrees (WB-ADB, 2005). A reconnaissance report by Durrani et al. 
(2005) indicated that the structural damage was caused by the poor construction quality of 
traditional housing and the non-seismic design of modern reinforced concrete (RC) structures. 
Engineered structures were fairly well constructed, and cases of failure were mainly due to 
layout defects, such as soft ground storey, short columns, irregular plans and elevations, as well 
as lack of maintenance in a few cases.  
3.3 Selection of Strong Ground Motion 
3.3.1 Characteristics of Ground Motion Records of Kashmir Earthquake 
The fault rupture region of the Kashmir Earthquake and the investigated areas for this 
study are illustrated in Figure 3.1. A closer examination of the rupture region indicates an axis 
running through Muzaffarabad and Balakot - two of the most heavily damaged regions. 
However, no records from these two areas exist. Only three strong-motion acceleration records 
were publicly available for Nilore, Murree and Abbottabad. The signal from Abbottabad is the 
most usable of the three available records, since it is obtained from an area where significant 
damage has occurred and is of reasonable amplitudes (Figure 3.2). The peak ground 
accelerations (PGA) are 0.231g, 0.197g, and 0.087g for EW, NS, and Vertical components, 
respectively. The elastic and inelastic spectra for horizontal component (EW) are given in Figure 
3.3 with elastic (5%) and ductility 2, 4 and 6. The elastic spectrum shows a relatively broad 
range of high amplification, from 0.4 to 2.0 seconds. The highest amplification is about 4.0, 
which is an indication of the severity of the Abbottabad record, particularly when compared with 
the value of 2.6, which is the 84 percentile amplification factor given by Newmark and Hall 
(1982). The range of periods corresponding to high amplification is also unusual, extending to 
2.0 seconds. Such a characteristic could result in relatively high demand imposed on both short 
and intermediate-long period structures. The constant ductility spectra shown in Figure 3.3 
indicate a rather low strength demand for highly ductile structures (of ductility 4.0 or more), and 
average demands for intermediate ductility structures (of ductility around 2.0). Table 3.1 
contrasts amplification factors from the Abbottabad acceleration signal with the previous 
earthquake records. For short periods, the Abbottabad record is less demanding than the known 
  34
rich records of JMA Kobe and Sylmar Northridge, but close to them in the long period range. It 
is as demanding as the Yarimca record, known to have devastated the area hit by the Kocaeli 
earthquake of August 1999 (Elnashai, 2000). Taking into account how far Abbottabad is from 
the epicentral region, the overall impression the above brief review yields is that the built 
environment in the region affected was hit by very powerful strong ground motion. 
 
 
Figure 3.1 Rupture region (adapted from R. Bilham web site, http://cires.colorado.edu/~bilham/) 





































Figure 3.2 Strong motion records at Abbottabad, Pakistan 
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Figure 3.3 Spectra for EW component of Abbottabad 
 
Table 3.1 Acceleration response for ductility=2, at given periods, in g 
Earthquake Record Epicentral Distance T=0.5s T=1.0s T=1.5s T=2.0s 
H-K Nanbu, JMA 18 km 1.50 0.80 0.40 0.20 
Northridge, Sylmar 13 km 1.27 0.43 0.49 0.37 
Northridge, Arleta 11 km 0.29 0.21 0.11 0.08 
Kocaeli, Yarimca 19 km 0.29 0.27 0.19 0.14 
Kashmir, Abbottabad 39 km 0.45 0.30 0.26 0.19 
 
 
The duration of shaking is of significant effect on the inelastic deformational and energy 
dissipation demands on the structure. If a structure is deformed beyond its elastic limit during an 
earthquake, the amount of permanent deformation will depend on how long the shaking is 
sustained. Therefore, the duration of earthquake shaking is a very important measure of the 
damage potential of ground motion. Bommer and Martinez–Pereira (1999), who reviewed about 
30 different definitions of strong ground motion duration, classify this general parameter into 
three generic classes: bracketed, uniform and significant durations. The latter researchers also 
proposed a definition; namely, effective duration which is also based on the significant duration 
concept, but both the start and end of the strong shaking phase are identified by absolute criteria. 
Table 3.2 shows a comparison of duration of the Abbottabad record and records from other 
known earthquakes. The bracketed duration with several criteria and significant duration were 
employed and compared with Arias Intensity (AI). The significant duration yields a shaking 
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duration of 47.21 sec for the Abbottabad record. In contrast, the duration of records in other 
earthquakes ranges between 11.42 and 17.84 sec. Therefore, the record obtained for Kashmir 
earthquake shows an exceptionally long duration, a feature that must have compounded damage. 
Figure 3.4 shows the duration of the Abbottabad record for the various classifications 
above. For example, from the bars that represent the durations, bracketed duration with 0.05g 
threshold is most reasonable. Other bracketed assumptions overestimate the duration, whereas 
significant and effective durations underestimate it. Table 3.2 indicates that bracketed duration 
with 0.025g threshold includes 98% of the total energy in the record although it is associated 
with 1/3 of the duration of the original record. Figure 3.5 shows that the difference in elastic and 
inelastic spectra of original and truncated records is negligible; hence the bracketed duration is 
used to select relevant records, as below. 
 
Table 3.2 Comparison of durations for record of Abbottabad (EW), Kashmir earthquake 
Kashmir,  
Abbottabad 






Method Criterion Duration 
(sec) 












% of  
AI 
5% of PGA 123.00 99.88 21.44 99.74 35.94 99.95 26.04 99.92 
0.025g 59.68 98.03 37.74 99.98 24.88 99.02 25.16 99.82 Bracketed 
0.05g 42.16 95.19 21.42 99.73 14.86 95.30 17.62 96.50 





















Bracketed, 5 and 95 % of PGA
Bracketed, 0.025g
Bracketed, 0.05g
Significant, 5% of AI
Significant_ 2.5% of AI
Effective
 
































































Figure 3.5 Comparison of spectra between original and selected durations 
 
3.3.2 Selection of Records for Analysis 
To select a suite of records representative of the hazard at locations of major damage 
where no recordings are known to exist, various criteria were considered. The criteria used were: 
(i) large magnitude, (ii) fault mechanism (thrust), (iii) distance from fault, (iv) focal depth, (v) 
attenuation relationships of peak ground acceleration (PGA) and acceleration response spectra, 
(vi) duration of records, (vii) Arias Intensity, and (viii) site condition. The attenuation 
relationships by Campbell (1997) and Ambraseys et al. (2005a, 2005b) are employed with their 
level of uncertainty which were studied by Durrani et al. (2005). Table 3.3 shows the three 
selected earthquakes including the Kashmir event. Four horizontal records are selected for each 
site and vertical records corresponding to horizontal ones are used. Table 3.4 shows the 
characteristics of the selected records and selection criteria. 
 
Table 3.3 Selected earthquakes for heavily damaged regions 




(9/16/1978) Iran 5 km 7.4 thrust Tabas Muzaffarabad M-Ta-Taba 
Chi Chi Taiwan 33 km 7.6 thrust Chiayi (CHY080)  M-Ch-C080 
(9/20/1999)     Taichung (TCU129) Balakot B-Ch-T129 
     Taichung (TCU079)  B-Ch-T079 
     Chiayi (CHY046) Abbottabad A-Ch-C046 
     Chiayi (CHY047)  A-Ch-C047 
Kashmir 




Table 3.4 Selected records with criteria for back-analysis, based on available information 
PGA (g) 
Criteria 










Type EW NS Vert 
EW NS Hor Vert Hor Vert 
Duration 
(sec) 
A-Ka-Abbo 39.0 Soft 0.231 0.197 0.087 0.38 0.44     59.00 
A-Ch-C046 29.5 Soft - 0.182 0.079 - 0.43 0.209~ 0.096~ 0.143~ 0.074~ 43.60 
A-Ch-C047 29.4 Soft - 0.186 0.086 - 0.46 0.269 0.153 0.356 0.221 53.53 
B-Ch-T129 13.5 Soft 1.010 0.634 0.341 0.34 0.54 0.524~ 0.302~ 0.387~ 0.206~ 55.42 
B-Ch-T079 11.0 Soft 0.742 0.393 0.388 0.52 0.99 0.674 0.478 0.896 0.749 53.69 
M-Ch-C080 3.1 Stiff 0.968 0.902 0.724 0.75 0.80 0.581~ 0.449~ 0.489~ 0.259~ 53.21 
M-Ta-Taba 3.0 Stiff 0.927 1.103 0.840 0.91 0.76 0.747 0.711 1.413 1.163 53.22 
* Italic font is the criterion value            ** V/H ratio: vertical-to-horizontal peak ground acceleration ratio 
 
 
Table 3.5 V/H ratio and time interval for selected records 
EW NS Vert. V/H Ratio Time Interval Reference 
Name  Time PGA Time PGA Time PGA EW NS EW NS 
A-Ka-Abbo 13.17 0.231 10.49 0.197 7.94 0.087 0.38 0.44 5.23 2.55 
A-Ch-C046  - 16.81 0.182 12.39 0.079 - 0.43 - 4.42 
A-Ch-C047  - 17.95 0.186 14.69 0.086 - 0.46 - 3.26 
B-Ch-T129 14.08 1.010 20.90 0.634 6.52 0.341 0.34 0.54 7.56 14.38 
B-Ch-T079 23.33 0.742 21.71 0.393 23.34 0.388 0.52 0.99 -0.01 -1.64 
M-Ch-C080 12.65 0.968 12.69 0.902 12.64 0.724 0.75 0.80 0.02 0.05 





































































(a) Horizontal ground motions (b) Vertical ground motions 
Figure 3.6 Spectral acceleration for the selected records 
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3.4 Description of the Selected Structures 
3.4.1 Buildings with No Seismic Design 
Ryadh Center, one of the structures damaged by the Kashmir earthquake which the Mid 
America Earthquake (MAE) center field reconnaissance team investigated, was selected. Ryadh 
Center is located at Abbottabad—one of the most heavily damaged areas. Figure 3.7 illustrates 
the side view, damaged column, and plan view of the first floor. Figure 3.7 indicates that the 
structure sustained significant flexural failure to the top and bottom of its second floor columns. 
The material and section properties, and rebar layouts are assumed based on measurements and 
investigations of the MAE Center team. The masonry infill walls shown in the first floor could 
have high in-plane stiffness and at low levels of lateral force, frame and infill wall act in a fully 
composite fashion. However, as the lateral force level increases, the frame attempts to deform in 
a flexural mode while the infill attempts to deform in a shear mode. As a result, the frame and 
the infill separate at the corners on the tension diagonal and a diagonal compression strut on the 
compression diagonal develops. Therefore, to take into account this effect, the infill walls were 





(a) Side view and damaged column (b) Plan view 
Figure 3.7 Ryadh Center, Abbottabad (Storey height: 3.17m) 
The second set of structures selected for the analytical investigation is shown in Figure 
3.8. The structure underwent extensive experimental investigation through a collaborative 
research program funded by the European Union (EU), ‘Innovative Concepts for Seismic Design 
of New and Existing Structures (ICONS).’ Two full-scale RC structures have been designed and 
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built to represent typical 1960s RC structures with no seismic detailing and was tested in July 
and September 1999. In its intact state, it sustained significant damage under the European 975 
year signal, having survived a lower signal representative of a European earthquake with a 475 
year return period with no damage. Distress to column 2 (second from the right) was due to 
excessive drift at the third floor, which is weaker than the two floors below. The test was stopped 
before more damage was inflicted in order to allow repair of the frame. Had the test continued, 
the storey drift would have been just above 2% at the third floor. One of the two structures, 
referred to herein as the ICONS Bare Frame, is shown in Figure 3.8. More details are given 
elsewhere (Pinho and Elnashai, 2000 and Elnashai, 2000).  
 
                      
Figure 3.8 Layout of ICONS (after Pinho and Elnashai, 2000 and Elnashai, 2000) 
              
Figure 3.9 Layout of SPEARS (after Jeong and Elnashai, 2005a) 
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The last structure selected with no seismic detailing is a three storey two-by-two bays 
irregular RC frame, named Seismic Performance Assessment and Rehabilitation (SPEAR) which 
was tested in 2004 by using a full scale Pseudo Dynamic test (Negro et al., 2004). It was aimed 
at the experimental study of coupled translational-torsional dynamic response of an irregular 
multi-storey building under bi-directional earthquake loading. The building has been designed 
for gravity loads alone, using the concrete design code applied in Greece between 1954 and 
1995. The structural configuration is typical of non-earthquake-resistant construction of that 
period. Layout of the test structure is represented in Figure 3.9. Detailed descriptions on the test 
structure and its analytical modeling are given in Jeong and Elnashai (2005a). 
        
3.4.2 Buildings Designed to Modern Seismic Code 
Twelve RC buildings shown in Figure 3.10 are considered to assess the seismic 
performance of various types of RC buildings designed to modern seismic code (EC8, 1994). 
Four 8-storey irregular frames, four 12-storey regular frames and four 8-storey dual frame-wall 
structures are included in the building set. Combinations of two design ground accelerations 
(0.15g and 0.30g) and three design ductility classes (High, Medium and Low) lead to the four 
cases per each group. The selection of four cases for each configuration is motivated by the 
desire to compare the performance of structures designed according to a ductility class set of 
rules but for different ground acceleration and for the same ground acceleration but different 
ductility class rules (Fardis, 1994).  
The structural characteristics of the assessment sample are varied to represent the most 
common types of RC building. Different building heights (24 to 36 m), structural systems 
(moment-resisting frames and frame-wall systems) and degree of elevation regularity are taken 
into consideration. While the second and third groups are regular in plan and in elevation, the 
first group exhibits two features of irregularity in elevation. The first storey has a greater height 
than the remaining ones and severance at the first storey of four perimeter columns, which are 
supported by long span beams. The geometric characteristics of the structures are illustrated in 
Figure 3.10. The overall plan dimensions of the three configurations are 15m × 20m. The total 
heights are 25.5, 36 and 24 meters for group 1, 2 and 3, respectively, with equal storey heights of 
3m except the first storey of group 1, which is 4.5m high. While the lateral force resisting system 
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for group 1 and 2 is a moment frame, group 3 has both a central core extending over the full 
height and moment frames on the perimeter. The core consists of two U-shaped shear walls 
coupled in the Z-axis direction at each storey level by a pair of beams. The floor system is a solid 







                             
(a)                                                            (b)                                                 (c) 
Figure 3.10 Elevation of the buildings: (a) 8-storey irregular frames; (b) 12-storey regular 


























Ryadh Center RYADH 4 3.17 12.68 20.0 413.0 
ICONS ICONS 4 2.70 10.80 13.6 ~ 21.7 343.6 
Non-
Seismic 



























8 3.00 24.00 33.0 585 
* H: high ductility, M: medium ductility, and L: low ductility for 8- and 12-storey buildings 
 
3.5 Response Measures and Limit State Definition 
The Mid-America Earthquake Center program Zeus-NL was utilized to perform the 
analyses for the selected structures. Zeus-NL is an inelastic fiber analysis package which was 
specifically developed for earthquake engineering applications (Elnashai et al., 2004). Structural 
failure may occur due to the attainment of member or system level limit states. Thus, in this 
study the structural response was investigated at both the global and the local levels. Interstorey 
drift was considered as a global failure criterion, while the curvature ductility and shear capacity 
of structural members were monitored to assess failure on a local level. The effect of vertical 
ground motion (VGM) on axial force and shear capacity was also investigated.   
3.5.1 Global Level 
Interstorey Drift ratio (ID) is considered to be the primary and most important global 
collapse criterion. This failure criterion places an upper limit on the acceptable storey drift of the 
structure. The ID is defined as the ratio of relative displacement ( 1i i−Δ − Δ ) between successive 







−Δ − Δ=   (3.1) 
As shown in Table 3.7 and Table 3.8, several values for the ID collapse limit have also 
been suggested by seismic codes and guidelines (SEAOC - Vision 2000, 1995; NEHRP - FEMA 
273, 1996). Dymiotis et al. (1999) has derived a statistical distribution for the critical ID using 
previous experimental results. The study utilized data from tests conducted using shaking tables, 
pseudo dynamic, monotonic and cyclic loading. It was concluded that the ultimate drift of 3% 
lies at the lower tail of this distribution, as shown in Figure 3.11. The mean ID values obtained 
from the distribution are 4.0 and 6.6 for near failure and failure, respectively.  
Table 3.7 Drift limits per each performance level given by SEAOC-VISION 2000 
Performance level Overall building damage Transient drift 
Fully operational Negligible ID < 0.2% 
Operational Light 0.2% < ID < 0.5% 
Life safe Moderate 0.5% < ID < 1.5% 
Near collapse Severe 1.5% < ID < 2.5% 
Collapse Complete 2.5% < ID 
Table 3.8 Structural performance levels recommended by NEHRP (FEMA 273). 
ID drift Performance level 
Concrete frames Concrete walls 
Immediate Occupancy 1% transient: negligible permanent 0.5% transient: negligible permanent 
Life Safety 2% transient: 1% permanent 1% transient: 0.5% permanent 
Collapse Prevention 4% transient or permanent 2% transient or permanent 
 
 
Figure 3.11 Statistical distribution of critical drift (after Dymiotis et al., 1999) 
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The above discussion shows high scatter (2 ~ 6.6%) of acceptable storey drift criterion. 
The overestimation of this criterion leads to a gross error in assessing the seismic response. It is 
also unrealistic to assess the response of various structures using a single collapse criterion. 
Therefore, to better assess the performance of various structures with different configurations 
and ductility levels, three limit states termed ‘serviceability’, ‘damage control’, and ‘collapse 
prevention’ are used. The limit states are defined as followings; 
•    Serviceability: first yielding of steel 









ε ε ⎡ ⎤⎛ ⎞= + −⎢ ⎥⎜ ⎟⎝ ⎠⎣ ⎦
      (3.2) 
•    Collapse prevention: maximum confined concrete strain given by:  
0.0035 0.1cu wε αω= + by EC8     (3.3) 
where wω  is the mechanical volumetric ratio of confining hoop /w yw cf fρ=  and 
n sα α α= ⋅  is the confinement effectiveness coefficient, where: 









α α ⎛ ⎞= − = −⎜ ⎟⎝ ⎠
∑       (3.4) 
 
F irst hoop fractureC onfined concrete





















Figure 3.12 Stress-strain model proposed for monotonic loading of  
confined and unconfined concrete (Mander et al., 1988) 
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Figure 3.13 Definition of effectively confined core (Mander et al., 1988),  
taken from Mwafy (2001). 
 
For more rigorous analysis, ID limit per each individual structure from push over analysis 
with loading profile of first mode shape was estimated. As shown in Figure 3.14, the 1st storey 
drifts corresponding to each limit state for one of the 12 storey-regular frame buildings (RF-L15) 
are 0.59%, 1.16% and 2.36%. It is assumed that these limit states can be also applicable to the 
remaining stories. Table 3.9 summarizes each limit state per structure and its fundamental period. 
 






































Damage Controlεc = 0.0037 , ID=1.16 %
Collapse Preventionεcu = 0.0091 , ID = 2.36 %

















































(c) Concrete stress vs. strain (d) ID and base shear 
Figure 3.14 Determination of interstorey drift ratio limit of 1st storey columns for RF-L15  
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Table 3.9 Fundamental period and determined interstorey drift limit 
Interstorey Drift Limit (%) 
Building Category Reference Name 
Fundamental 






Ryadh Center RYADH 0.428 0.69 1.23 2.84 
ICONS ICONS 0.680 0.86 1.10 2.39 
SPEAR SPEAR 0.510 0.77 1.68 2.50 
IF-H30 0.674 0.73 2.17 4.18 
IF-M15 0.751 0.83 1.81 3.89 
IF-M30 0.681 0.71 1.46 3.61 
8-storey irregular  
frame buildings 
IF-L15 0.763 0.82 1.70 3.05 
RF-H30 0.904 0.58 1.42 3.81 
RF-M15 0.979 0.55 1.43 3.27 
RF-M30 0.945 0.59 1.14 2.48 
12-storey regular  
frame buildings 
RF-L15 0.969 0.59 1.16 2.36 
FW-H30 0.560 0.26 1.34 2.90 
FW-M15 0.618 0.23 1.23 2.44 
FW-M30 0.554 0.27 1.10 2.31 
8-storey regular  
frame-wall buildings 
FW-L15 0.611 0.24 1.04 2.25 
 
3.5.2 Local Level 
To consider shear supply as a local failure criterion, the shear strength model by Priestley 
et al. (1994) is employed. Shear strength considering axial force provided by ACI 318-05 and 
EC2 explained in Chapter 2 are also computed. For transverse reinforcement contribution, since 
EC2 provides a range of angles (22o to 45o), It was decided that 30o and 45o be used for the 
comparison with other shear strength models.  
The curvature ductility factor is also considered to be a simple measure of damage on the 
member level. To estimate the yield curvature for individual member properly for time history 
analysis, the expensive efforts are required because axial force level varies along the time. 
Moreover, the building model usually has many members and each member has a different 
confinement factor which influences the compressive strength of concrete. Hence, in this study it 
is assumed that the yield curvature is defined when the strain in the main longitudinal tensile 
reinforcement exceeds the yield strain of steel for simplicity. It could be considered as a starting 
point of the post-elastic branch of moment-curvature diagram. To define the state of damage 
using curvature ductility, curvature ductility criteria used by Mwafy (2001) were employed as 
shown in Table 3.10.  
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Table 3.10 Damage description by curvature ductility for columns (Mwafy, 2001) 
Damage level Curvature ductility for columns 
Negligible μφ< 1.0 
Light 1.0 < μφ < 3.0 
Moderate 3.0 < μφ < 5.0 
Severe 5.0 < μφ < 13.0 
Collapse 13.0 < μφ  
3.6 Analysis Results  
The dynamic response time history analyses were performed with selected records 
described in section 3.3. On the global level, the interstorey drift was calculated to be up to 6.6% 
which is a mean value of interstorey drift ratio at failure described by Dymiotis et al. (1999). On 
the local level, at values in excess of collapse limit, P- Δ  effects can be significant and lead to 
instability of structure. Moreover, the drift of unstable structures depends on convergence criteria 
or analysis tool. Therefore, member response in excess of collapse limit was not included. 
3.6.1 Buildings with No Seismic Design 
3.6.1.1 Effect on Global Response 
The observed Interstorey drift (ID) ratios of seismic vulnerable buildings are close to or 
exceed the collapse prevention limit for most records. As shown in Figure 3.15, the higher ID 
ratios of Ryadh Center are observed at the second storey due to infill walls in the first floor. For 
the Abbottabad record, ID ratio reached 2.26% which exceeds the damage control limit, 1.23%, 
and is close to the collapse prevention limit, 2.84%. The severe damage, without collapse, at the 
second storey was observed by field reconnaissance team as illustrated in Figure 3.7. The 
reasonability of modeling and ID limits for this structure is therefore confirmed. Figure 3.15 
indicates that ID ratios for records selected for Balakot and Muzaffarabad area that are close to 
the fault, and most damaged sites, exceed the collapse prevention limit. Therefore, it could be 
concluded that this building is expected to be severely damaged or collapsed in the vicinity of the 
fault.  
Interstorey drift (ID) ratios of ICONS and SPEAR show the similar trend. Specifically, 
ID ratios for ICONS shown in Figure 3.16 exceed the collapse limit for most records at the third 
floor, which is weaker than the two floors below. It should be noted that in the experiment there 
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was significant damage at column 2 (second from the right) due to excessive drift at the third 
floor for 975 year return period signal (PGA: 0.29g) and the test was stopped before more 
damage was inflicted in order to allow repair of the frame. Moreover, the storey drift was 
expected to be just above 2% at the third floor if test had continued (Elnashai, 2000). This is 
compared to ID ratio at third storey by Abbottabad EW record (PGA 0.23g) which is larger than 
collapse prevention limit, 2.39%. Although the Abbottabad record has a lower PGA than the 
signal used in test, it resulted in much higher ID ratio at the third storey. It could be inferred that 
the long duration of the Abbottabad record plays an important role in the response of structure 
because the amount of permanent deformation will partly depend on how long the shaking is 
sustained if a structure is deformed beyond its elastic limit. 
It is observed that the effect of vertical ground motion is insignificant for the story drift of 
these three buildings. The reason is that story drifts exceed the collapse limit before strong 
motions reach their peak values in most of cases. Therefore, it could be concluded that these 
structures can be severely damaged by even low demand earthquake records at an early stage of 
the record. Additionally, top displacements shown in Figure 3.18 which are monitored up to 
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Figure 3.16 Interstorey drift ratio, ICONS 
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#   EQ Ref. 
1   A-Ka-Abbo EW
2   A-Ka-Abbo NS
3   A-Ch-C046 NS
4   A-Ch-C047 NS
5   B-Ch-T129 EW
6   B-Ch-T129 NS
7   B-Ch-T079 EW
8   B-Ch-T079 NS
9   M-Ch-C080 EW
10   M-Ch-C080 NS
11   M-Ta-Taba EW
12   M-Ta-Taba NS
 
Figure 3.18 Max. top displacements up to collapse prevention limit  
for non-seismic buildings 
 
  51
3.6.1.2 Effect on Member Response 
Table 3.11 shows the ratio of vertical seismic force (EQ) to gravity load (DL) with and 
without vertical ground motion for Ryadh Center. It is observed that the effect of vertical ground 
motion on the ratio of EQ to DL increase significantly for all stories with increase of V/H ratio. 
For example, in the case of Tabas NS (Ref. 12) the increase of this ratio per each storey column 
varies between 238% and 649%. Figure 3.19 clearly shows the significant increase of axial force 
induced by vertical ground motion.  
 
Table 3.11 Ratio of vertical seismic force to gravity load force for Ryadh Center 
1st storey 2nd Storey 3rd Storey 4th Storey Earthquake 
Record 
V/H 
ratio H H+V IR H H+V IR H H+V IR H H+V IR 
A-Ka-Abbo EW 0.38 2.45 2.46 0.31 2.37 2.39 0.97 2.12 2.14 0.68 1.87 1.85 -0.97
A-Ka-Abbo NS 0.44 2.45 2.45 0.30 2.36 2.37 0.54 2.09 2.12 1.26 1.83 1.85 0.89 
A-Ch-C046 NS 0.43 1.80 1.80 -0.05 1.65 1.64 -0.39 1.60 1.59 -0.79 1.45 1.44 -0.61
A-Ch-C047 NS 0.46 1.77 1.75 -1.13 1.65 1.64 -0.76 1.59 1.56 -1.70 1.41 1.38 -1.92
B-Ch-T129 EW 0.34 2.34 2.33 -0.56 2.32 2.53 8.85 2.36 2.64 11.62 2.20 2.46 11.71
B-Ch-T129 NS 0.54 2.68 2.70 0.82 2.59 2.57 -0.52 2.29 2.29 -0.06 1.90 1.96 3.23 
B-Ch-T079 EW 0.52 2.63 2.72 3.27 2.48 2.59 4.28 2.22 2.32 4.52 1.98 2.07 4.85 
B-Ch-T079 NS 0.99 2.45 2.81 14.73 2.41 2.78 14.97 2.21 2.64 19.51 1.92 2.29 19.68
M-Ch-C080 EW 0.75 2.42 2.84 17.61 2.16 2.94 35.97 1.94 2.74 41.46 1.73 2.61 50.92
M-Ch-C080 NS 0.80 2.63 2.62 -0.11 2.52 2.52 0.09 2.24 2.26 0.85 1.98 2.00 1.29 
M-Ta-Taba EW 0.91 2.65 3.45 30.10 2.49 3.31 32.91 2.26 3.20 41.55 2.03 3.02 48.82
M-Ta-Taba NS 0.76 2.57 8.71 238.26 2.51 10.42 314.58 2.46 12.98 428.61 2.28 17.13 649.52
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(a) ICONS                                                   (b) SPEAR 
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#   EQ Ref. 
1   A-Ka-Abbo EW
2   A-Ka-Abbo NS
3   A-Ch-C046 NS
4   A-Ch-C047 NS
5   B-Ch-T129 EW
6   B-Ch-T129 NS
7   B-Ch-T079 EW
8   B-Ch-T079 NS
9   M-Ch-C080 EW
10   M-Ch-C080 NS
11   M-Ta-Taba EW
12   M-Ta-Taba NS
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            (b) ICONS                                                                       (c) SPEAR 
Figure 3.21 Contribution of VGM on the axial force variation 
 
Figure 3.20 shows the axial force history of the first storey column in ICONS when 
Tabas NS (V/H ratio of 0.76) record applied. The axial force variation is 471 kN when vertical 
ground motion is neglected, while inclusion of vertical ground motion leads to the significant 
increase of the axial force variation up to 1637 kN, thus axial force variation increases by 248% 
compared to the former case. The significant contribution of vertical ground motion on axial 
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force variation is observed clearly from Figure 3.21. However, in some records with high V/H 
ratio the effect of vertical ground motion seems to be insignificant. The reason is that these 
structures reached ID ratios of collapse prevention early as explained previously because of non-
seismic design and details and thus, member forces were monitored before reaching at PGA of 
vertical ground motion.  
 
The maximum curvature ductility demands of columns per each storey are illustrated in 
Figure 3.22. For Ryadh Center shown in Figure 3.22 (a), ductility demands of columns at the 
second storey are much larger than those of others and exceeded 4.4 and reached up to 7.2 for 
records employed for Balakot and Muzaffarabad. Curvature ductility at the severe damage limit 
state listed in Table 3.10 is 5 to 13. Therefore, the columns subjected to the Balakot and 
Muzaffarabad records are expected to be severely damaged. Figure 3.22 (b) indicate that 
maximum curvature ductility demands for columns at the first and third stories of ICONS 
reached or exceeded 13 which corresponds to collapse. Therefore, it can be concluded that 
columns in the first and third stories lost flexural resistance and experienced local failure before 
interstorey drift ratio of structure reached the collapse limit. The effect of vertical ground motion 
on the curvature is insignificant for many of the records. However, in some records (i.e. T129 
EW and T079 EW records) the curvature ductility increases significantly when vertical ground 
motion is included. The ductility demands of SPEAR shown in Figure 3.22 (c) indicate that 
columns at the second storey could be severely damaged before reaching the collapse prevention 
limit of interstorey drift ratio. Especially for Tabas EW record, the curvature ductility factor 
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(a) Ryadh Center 
 















































Figure 3.22 Maximum curvature ductility demands for columns, Ryadh Center 
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                                       (a) HGM                                                                      (b) H+VGM 
Figure 3.23 Shear capacity and demand of 2nd column at 1st storey by Ref 12, ICONS 
 
As shown in Figure 3.23, the shear capacity was calculated by using various methods 
explained in section 3.5.2 and compared to shear demand with and without vertical ground 
motion. It is clear that shear demand exceeds capacity when vertical ground motion is included. 
Therefore, shear failure would be expected before the structure reaches the global collapse state. 
Figure 3.24 shows the effect of vertical ground motion on shear demand and capacity when the 
difference between them is a minimum. Since the minimum difference between shear demand 
and capacity occurs at the different time for each shear strength model, the shear demand 
corresponding to results from each prediction approach is depicted in the figure. It seems that the 
effect of vertical ground motion on shear capacity is not significant for low reference number of 
record which is corresponding to the low V/H ratio. It should be noted that member response in 
excess of collapse limit was not included and this structure reached collapse limit before 
reaching at PGA of records in most cases. Therefore, assessing the effect of vertical motion on 
shear capacity is not directly possible. Notwithstanding, Muzaffarabad records (Ref. 9~12) 
which have high V/H ratio suggest the shear supply decreases significantly up to about 20%.  For 
Ryadh Center, shear capacity by ACI 318-05 is reduced by 28% for Tabas NS (Ref. 12) record. 
Moreover, shear demand increases slightly even though the ratio fluctuates for some records. 
Therefore, it could be concluded that the column is more susceptible to shear failure for high 









Priestley et al EC2 with 30 deg. EC2 with 45 deg. ACI 318-05
# EQ Reference
1 A-Ka-Abbo EW,  2 A-Ka-Abbo NS,  3 A-Ch-C046 NS,    4 A-Ch-C047 NS,    5 B-Ch-T129 EW,    6 B-Ch-T129 NS
7 B-Ch-T079 EW,   8 B-Ch-T079 NS,   9 M-Ch-C080 EW, 10 M-Ch-C080 NS,  11 M-Ta-Taba EW, 12 M-Ta-Taba NS
Line Legend





































(a) Interior column at 2nd storey, Ryadh Center 
 




































(b) 2nd column at 1st storey, ICONS 
 




































(c) Column at 1st Storey, SPEAR 
Figure 3.24 Effect of vertical ground motion on shear capacity and demand, non-seismic 
buildings 
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3.6.2 Buildings Designed to Modern Seismic Codes 
3.6.2.1 Effect on Global Response 
 
Figure 3.25 shows the interstorey drift (ID) ratios of irregular frames and indicates that 
ID ratios of  irregular frames designed to low seismic intensity, 0.15g exceed the collapse limit 
for many of records, while structures designed to high seismic intensity, 0.3g survive even with 
high demanding records. The effect of vertical ground motion on ID ratio seems to be 
insignificant. However, in some records the observed ID ratios was significantly changed when 
the vertical ground motion is included. The ID ratios of high ductility structure (IF-H30) shown 
in Figure 3.25 are less than collapse limit for all records except CHY080 NS record. Figure 3.25 
(c) and (d) illustrate that the observed ID ratios of IF-M15 and IF-L15 designed to low seismic 
intensity exceed the damage control limit for most records and the collapse prevention limit for 
several records.  
Moreover, among low PGA records, ID ratios by the Abbottabad record exceed the 
damage control limit. Therefore, it is clear that the irregular frames with lower ductility, 
designed to lower levels of ground motion, may experience severe damage or be collapsed if 
these structures were located at Balakot and Muzaffarabad, or even the Abbottabad area. It 
should be noted that the design intensity is 0.3g for IR-H30 while the expected maximum PGA 
near the fault is 0.97g. Therefore, improved structure performance is expected if the structure is 
to be designed to higher PGA based on EC8.  
Figure 3.26 shows that the observed ID ratios of frame-wall buildings do not exceed the 
collapse limit except in a few records. The ID ratios of high ductility structure (FW-H30) are less 
than collapse limit for all records except the CHY080 EW record with only horizontal excitation, 
and do not exceed even the damage limit. As shown in Figure 3.26 (c) and (d), the most 
demanding records which can lead a structure to collapse prevention limit are CHY080 and 
Tabas records that are selected for Muzaffarabad. However, except for these several records, the 
observed ID ratios for frame-wall structures are less than collapse prevention limit but exceed 
damage control limit except FW-H30. Therefore, it is clear that the frame-wall buildings 
designed to high ductility and seismic intensity can survive under high demanding record while 
other structures could be damaged if located at Balakot and Muzaffarabad.   
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(a) IF-H30 


























































































Figure 3.25 Interstorey drift ratio, Irregular frames 
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Figure 3.26 Interstorey drift ratio, Frame-wall building 
  60
Figure 3.27 illustrates the ID ratios of regular frames subjected to the selected records. It 
is observed that the 12 storey regular frames designed to high ductility and seismic intensity can 
survive under high demanding record while other structures could experience severe damage or 
be collapsed if high demanding records are applied. As shown in Figure 3.27 (a), the ID ratios of 
high ductility structure (RW-H30) are less than collapse limit for all records except records 
selected for Muzaffarabad area. Figure 3.27 (b), (c) and (d) point out that most demanding 
records which can lead a structure to collapse prevention limit are those for the Balakot and 
Muzaffarabad.  
Figure 3.28 illustrates the effect of vertical ground motion on the maximum ID ratio. If 
ID ratio exceeds the collapse prevention limit defined in Table 3.9, it is assumed that maximum 
ID ratio is same as the ID ratio of collapse limit. This allows for dependable comparisons 
because P- Δ  effects can be significant at values in excess of collapse limit, leading to instability 
of the structure. As shown in Figure 3.28, although including vertical ground motion does not 
show a clear trend in increasing or decreasing the ID ratio and a minimal effect for many records, 
ID ratio in some records are significantly affected by vertical ground motion. The decreasing 
ratios of ID ratios are within 50%, while increasing ratio is higher than 50% for many cases. The 
maximum effect of the vertical ground motion is observed on irregular frames. The deficiency of 
these structures such as cut-off columns at 2nd storey and the height of 1st storey which is higher 
than rest of stories result in the larger deformation leading to the significant P- Δ  effects. 
The maximum top displacements are monitored to study the global structural behavior as 
shown in Figure 3.29. The observed maximum top displacements before ID ratio reach the 
collapse prevention increases as building is closer to fault region. It is also observed that top 
displacements of buildings designed to low seismic intensity is larger than those of buildings 
designed to high seismic intensity for lower demanding records. For higher demanding records, 
it seems that there is no significant difference even though the structure has a difference design 
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Figure 3.27 Interstorey drift ratio for 12-storey regular frames  
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#   EQ Ref. 
1   A-Ka-Abbo EW
2   A-Ka-Abbo NS
3   A-Ch-C046 NS
4   A-Ch-C047 NS
5   B-Ch-T129 EW
6   B-Ch-T129 NS
7   B-Ch-T079 EW
8   B-Ch-T079 NS
9   M-Ch-C080 EW
10   M-Ch-C080 NS
11   M-Ta-Taba EW
12   M-Ta-Taba NS





































(a) Irregular Frames 



































































(b)  Frame-wall buildings                                                  (c) Regular frames 
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Thin line:   HGM
Thick line: H+VGM
#   EQ Ref. 
1   A-Ka-Abbo EW
2   A-Ka-Abbo NS
3   A-Ch-C046 NS
4   A-Ch-C047 NS
5   B-Ch-T129 EW
6   B-Ch-T129 NS
7   B-Ch-T079 EW
8   B-Ch-T079 NS
9   M-Ch-C080 EW
10   M-Ch-C080 NS
11   M-Ta-Taba EW
12   M-Ta-Taba NS
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            (b)  Frame-wall buildings                                                  (c) Regular frames 
Figure 3.29 Maximum top displacements for code-confirming buildings 
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3.6.2.2 Effect on Member Response 
Due to the large amount of results at the member level, the mean values of maximum 
response of all columns of each storey were compared for axial force. Figure 3.30 shows the 
ratio of vertical seismic force (EQ) to gravity load force (DL) with and without vertical ground 
motion and the contribution of vertical ground motion on axial force for 12-RC buildings. 
Obviously, the induced vertical seismic force increases as the reference number of earthquake 
record increases for all structures which indicates the increase of V/H ratio. The contribution of 
vertical ground motion on axial force for records selected for Abbottabad is not relatively 
significant, while it increases significantly for records selected for Balakot and Muzaffarabad 
areas which are located in the vicinity of the fault.  
The response of irregular frame buildings shown in Figure 3.30 (a) is slightly different 
than that of other structures shown in Figure 3.30 (b) and (c). For frame-wall and regular frame 
buildings, it is observed that the relationship of contribution of vertical ground motion on axial 
force and V/H ratio is almost linear. However, the response of irregular frame buildings does not 
show this trend. In frame-wall buildings, it is also observed that the effect of vertical ground 
motion on the axial force demand in wall less significant. This is mainly due to the dominant role 
of the walls in resisting lateral forces, which results in attracting high levels of axial force to the 
walls. Therefore, the contribution of axial forces generated by the vertical ground motion 
becomes less significant. As shown in Figure 3.30 (b), although the ratio of EQ to DL that imply 
the fluctuation of axial force is significantly higher than other structures, the contributions of 
vertical component of ground motion on axial force variation with few exceptions are within 
40% which is less than that of other structures. It is noteworthy that structures designed to 
medium ductility and low seismic intensity, 0.15g, are severely affected by vertical ground 
motion in terms of axial force variation. For example, the contributions of vertical ground motion 









1 A-Ka-Abbo EW,  2 A-Ka-Abbo NS,  3 A-Ch-C046 NS,    4 A-Ch-C047 NS,    5 B-Ch-T129 EW,    6 B-Ch-T129 NS
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(c) Regular frames 
Figure 3.30 Effect of VGM on axial force of 1st storey columns, code-confirming buildings 
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Concerning the distribution of maximum curvature ductility demands (CDD) shown in 
Figure 3.31, the higher ductility demands are recorded in cut-off column (2nd storey) of 8-storey 
irregular frame buildings shown in Figure 3.31 (a) and (b). This is a clear deficiency in this 
structural system. For the records selected for Balakot and Muzaffarabad regions, the maximum 
CDD of columns at second storey exceeds 5 and is close to 13, which is the collapse level 
defined at Table 3.10. In contrast, for columns of the regular frame, the safety margins are 
notably high for all stories as shown in Figure 3.31 (d). For frame-wall buildings, the maximum 
CDDs for most of the cases are less than 5, which is the moderate level defined in Table 3.10. 
Therefore, it could be concluded that the columns of the irregular frames, located in the Balakot 
and Muzaffarabad regions, are susceptible to damage or local failure prior to global instability of 
the frame. 
 
Figure 3.32 illustrates the effect of vertical ground motion on the maximum curvature 
ductility demands (CDD) on columns. There is no clear variation trend of the maximum CDDs 
when vertical ground motion is included. It is shown that there is no significant change in the 
maximum CDDs for frame-wall buildings, while the change fluctuates of about +/-100% for 
other structures. It is noticeable that the maximum CDDs for irregular frame buildings designed 
to high seismic intensity increase by 278% when the M-Ch-C080 record selected for 
Muzaffarabad is utilized with vertical ground motion. As shown in Figure 3.31 (a), the maximum 
CDD for the M-Ch-C080 record only with horizontal ground motion is recorded as 2.9 which is 
less than the moderate level of 3. When vertical ground motion is included, the same quantity is 
10.9 which is close to the collapse level of 13. Therefore, it could be concluded that neglecting 
the vertical ground motion in analysis can reduce the severity of earthquake induced shaking 
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(a) IF-H30, irregular frame buildings 





























(b) IF-M15, irregular frame buildings 





























(c) FW-H30, frame-wall buildings 





































(d) RF-L15, regular frame buildings 
Figure 3.31 Maximum curvature ductility demand, code-confirming buildings 
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#   EQ Ref. 
1   A-Ka-Abbo EW
2   A-Ka-Abbo NS
3   A-Ch-C046 NS
4   A-Ch-C047 NS
5   B-Ch-T129 EW
6   B-Ch-T129 NS
7   B-Ch-T079 EW
8   B-Ch-T079 NS
9   M-Ch-C080 EW
10   M-Ch-C080 NS
11   M-Ta-Taba EW
12   M-Ta-Taba NS





























Figure 3.32 Effect of vertical ground motion on maximum curvature ductility demand, code-
confirming buildings 
 
Including shear as a failure criterion is also investigated in terms of shear demand and 
capacity. The shear demands and supplies for columns in irregular frame buildings are shown in 
Figure 3.33 and Figure 3.34. As depicted in Figure 3.33, the variability of the shear supply along 
the time increases for both the conservative approaches of design codes and the more realistic 
approach of Priestley et al. (1994). This is because increased axial forces could lead to high 
fluctuation in shear supply and reduction in the effectiveness of the diagonal compression strut 
component. However, higher margins of safety against shear are observed for higher ductility 
level buildings compared with other design level structures even if vertical ground motion is 
included. This is a result of the provisions of EC8 for enhanced ductility and shear strength in 
critical regions as well as due to attracting lower shear and axial forces. However, the columns 
designed to ductility class ‘Medium’ and ‘Low’ exhibit relatively lower safety margins when 
shear capacity is calculated using code approaches. As shown in Figure 3.34, the shear failure at 
cut-off column in the IF-L15 is detected before violating the interstorey drift collapse limit state. 
The shear demand is close to the shear capacity predicted by EC2 with 45 degree, but does not 
exceed it with only horizontal ground motion, while shear demand exceed the shear capacity 
predicted by code approaches when vertical ground motion is included. However, the margin of 
safety for the realistic model of Priestley et al. (1994) is still considerable.   
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                               (a) IF-H30                                                 (b) IF-M30d 
Figure 3.33 Shear supply and demand for Irregular Frame buildings, CHY080-EW 
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Figure 3.34 Shear supply and demand, IF-L15, TCU079 EW 
 
Figure 3.35 illustrates the effect of vertical ground motion on shear capacity of the first 
storey column in the IF-M15. It is observed that the shear capacity decreases as the PGA of 
vertical ground motion increases. For Tabas NS record which has a V/H ratio of 0.76 and is one 
of the records closest to fault, the shear capacity by EC2 with 45 degree is reduced by about 30% 
when vertical ground motion is included. Figure 3.36 shows the shear demand and supply for the 
walls located at the first and third floor in the frame wall buildings. As described previously, 
since high axial force fluctuation is observed due to high stiffness of the wall in these structures 
to resist the lateral forces even without vertical ground motion, the contribution of vertical 
ground motion on axial forces is less significant compared with other structures. Therefore, as 
shown in Figure 3.36, the high fluctuation of the shear supply is observed with and without 
vertical ground motion, but it is also found that the effect of vertical ground motion on the 
variability of shear supply is less significant. However, for some cases, the axial force variation 
increases by 40% as mentioned previously, resulting in increase of shear demand and supply for 
high compression force and reduction of shear supply for low compression force. Therefore, as 
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shown in Figure 3.36 (a), the vertical elements to shear failure considering code approaches is 
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Figure 3.35 Effect of vertical ground motion on shear capacity, IF-M15 
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(a) FW-M15, TCU079 NS 
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(b) FW-L15, CHY080 EW 
Figure 3.36 Shear supply and demand, Frame-Wall buildings 
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For regular frame buildings, the recorded shear demand is much less than shear capacities 
estimated by code approaches and the realistic model of Priestley et al. (1994) as shown in 
Figure 3.37. Even if the shear supply severely fluctuates and shear demand increases slightly 
under the effect of vertical component of ground motion, this is far from shear failure. Figure 
3.38 shows the effect of vertical ground motion on shear capacity for one of columns in the first 
storey for RF-H30 and RF-L15. Shear capacities for both cases are reduced with high demanding 
records if the vertical ground motion is included. The overall trend in this figure shows that the 
reduction of shear capacity is more significant to structure designed to low ductility and low 
seismic intensity. For instance, the shear capacity of RF-H30 for the records of TCU079 EW and 
Tabas NS is reduced by 8% and 13%, respectively, while the shear capacity of RF-L15 is 
reduced by 16% and 17%, respectively, when vertical ground motion is included.  
 
External Frame Internal Frame
Priestley et al
EC2 with 30 deg.
EC2 with 45 deg.
ACI 318-05
Shear Demand








































0 1 2 3 4 5 6 7 8 9 10 11 12


































0 1 2 3 4 5 6 7 8 9 10 11 12
Reference Number of Earthquake Record
Priestley et al
EC2 with 30 deg.
EC2 with 45 deg.
ACI 318-05
External Frame Internal Frame
 
                               (a) RF-H30                                                  (b) RF-L15 




3.7 Summary and Discussion 
In this chapter, the response of a number of different RC structures to a suite of 
earthquake ground motions with and without the vertical component of shaking is studied. The 
case of the devastating Kashmir earthquake of 2005 is used as a test bed, due to its effect on RC 
structures in particular. Suitable earthquake ground motions are suggested to represent the hazard 
from the 2005 Kashmir (Pakistan), in the absence of measured records. A set of RC buildings 
was chosen to represent different levels of seismic design and detailing. Analyses were 
performed to investigate the effect of the 2005 Kashmir earthquake on both non-seismically 
designed structures and structures conforming to modern seismic codes. Conclusions were given 
in the various sub-sections above. Herein, the most important conclusions are reiterated.  
It is observed that the Kashmir earthquake acceleration spectra exhibit higher 
amplification factors (by up to 150%) than average code spectra and other records from previous 
damaging earthquakes. The duration of the Abbottabad record is 2.5-4.0 times longer than those 
of other comparable, in terms of magnitude and distance, records. The above observed 
characteristics must have imposed higher seismic demand on structures than other comparable 
earthquakes would have done.  
The extensive analysis results indicate that non-seismically designed structures 
experienced global failure as well as extensive local damage for most of the records. The 
interstorey drift ratios of these structures exceed the collapse prevention limit state for most 
records and severe local damage is expected prior to global failure. This conclusion is based on 
the curvature ductility demand observed in the analysis, which was in the range of 5.0-13.0. For 
buildings designed and detailed to modern seismic code provisions, those designed to high 
ductility and high design ground motion (0.3g) exhibited adequate performance in terms of 
interstorey drift ratio. On the other hand, buildings designed to medium and low ductility classes 
for low seismic design intensity (0.15g) could be expected to suffer severe damage or collapse in 
the vicinity of the causative fault. However, frame-wall buildings designed to low ductility class 
and low seismic intensity exhibited adequate performance even in the epicentral region. The 
observed curvature ductility demands of regular frame and frame-wall buildings are within safe 
margins, while for irregular frame buildings, extensive local damage or collapse at planted 
columns is expected.  
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Including the vertical component of earthquake ground motion did not affect notably the 
global response and curvature ductility demand in most cases. However, for several cases, it 
influenced considerably interstorey drift and curvature ductility. For example, in the case of 
regular frames the interstorey drift ratio varied by up to ~80%, compared with the case of no 
vertical motion. The curvature ductility demands changed by up to ~120% when vertical ground 
motion was included. Moreover, vertical ground motion significantly increased the axial force 
level and variation in columns. The variation of axial force results in reduction in shear capacity 
of the vertical members and increases the potential for shear failure. For records selected to 
represent near fault areas, the shear capacity was significantly reduced due to vertical ground 
motion by up to ~25% and shear failure is expected for several cases, only when vertical ground 
motion was considered. Therefore, including vertical ground motion in the analysis is important 





ANALYTICAL INVESTIGATION OF RC BRIDGES 
4.1 Introduction 
This chapter addresses analytical investigation of the effect of vertical ground motion on 
RC bridge structures. A parametric study with a simple bridge is conducted to consider the effect 
of geometric bridge configuration including span length (both symmetric and asymmetric) and 
column height. Moreover, a bridge structure damaged during the Northridge Earthquake and a 
Federal Highway bridge design example are also analyzed. In the latter two cases, the effects of 
various vertical and horizontal peak ground acceleration ratios are studied and the results are 
compared with the case of horizontal-only excitation.  The effect of arrival time interval between 
horizontal and vertical acceleration peaks is studied and compared to the case of coincident peak 
horizontal and vertical accelerations. 
4.2 Description of the Selected Bridges 
4.2.1 Ramp Structure of the Santa Monica Freeway 
The first bridge to be selected (hereafter referred to as Santa Monica Bridge) is Collector-
Distributor 36 of the Santa Monica (I10) Freeway which was damaged in the Northridge 
earthquake of 17 January 1994 (Broderick and Elnashai, 1995). The Collector-Distributor 36 
forms part of a pair of off-ramps from the eastbound carriageway on the I-10 freeway at La 
Cienega-Venice under-crossing and was designed and constructed between 1962 and 1965. 
Figure 4.1 shows the plan of I-10 freeway and the structural configuration of ramp which is 
assumed to be fully restrained at its intersection with bent 5. This leads to reduced deformation, 
compared to bent. The ramp was located about 25km to the south-east of the epicenter. From the 
bifurcation point just to the west of bent 5 of the under-crossing, the RC ramp was carried first 
over the multi-column bent 5, then over three single piers (6, 7 and 8) and finally over the pier 
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wall of bent 9 to the east abutment. The deck consisted of a 3-cell continuous box girder which 
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  8-#11 for inner bars
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Figure 4.2 Pier reinforcement details 
 
  75
There was no visible damage on either the ramp deck or the abutment. However, the piers 
experienced varying levels of damage of which the most severe is illustrated in Figure 4.3. In 
particular, pier 6 experienced failure and was the most damaged of all the columns supporting 
ramp 10. As shown in Figure 4.3, shear failure occurred in the lower half of the pier. The 
concrete cover completely spalled over the height and the concrete core disintegrated. Moreover, 
all the reinforcement bars buckled symmetrically and the transverse hoops opened, leaving the 
pier with permanent axial deformation only restrained by the rigidity of the deck and the axial 
stiffness of the adjacent piers.  
 
                  
 (a) Pier 6                                                     (b) Pier 8 
Figure 4.3 Observed pier damage, Santa Monica Bridge 
 
4.2.2 FHWA Bridge #4 
The second bridge to be selected is design example No. 4 prepared by the Federal 
Highway Administration (FHWA, 1996). This bridge (hereafter referred to as FHWA Bridge #4) 
is designed to be built in the western United States in a seismic zone with an acceleration 
coefficient of 0.3g according to the Standard Specifications for Highway Bridges, Division I-A, 
Seismic Design (AASHTO, 1995). Figure 4.4 illustrates the plan view and elevation of the 
selected bridge. This bridge is 97.54 m (320 feet) long with spans of 30.48, 36.58, and 30.48 m. 
The substructure elements are oriented at a 30o skew from a line perpendicular to a straight 
bridge centerline alignment as shown in Figure 4.4 (a).  The superstructure is a cast-in-place 
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concrete box girder with two interior webs and the intermediated bents have a cross beam 
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Figure 4.4 Plan view and elevation of FHWA No. 4 
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Figure 4.6 Pier elevation of FHWA No. 4 
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Figure 4.7 Pier section of FHWA No. 4 
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Figure 4.6 and Figure 4.7 show the details of pier elevation and sections. The diameter of 
the pier is 1219.2 mm (2 feet) with 34 #11 longitudinal bars in 2-bar bundles as illustrated in 
Figure 4.7 (a). The top and bottom of pier which are a quarter of pier height are considered to be 
the plastic hinge zone. The spirals of #5 bar with 88.9 mm  (3.5 in) spacing is used throughout 
the length, but also the 152.4 mm (6 in) spacing is allowed for outside of plastic hinge zones in 
the FHWA design example. The connection between the pier base and the footing is designed as 
the pinned connection type, as shown in Figure 4.7 (b). The longitudinal hinge reinforcement is 
provided on either side of the pier to footing interface with a smaller area than the pier section. 
Expansion joint filler material is used around the interface area to allow maximum pier 
deflection without crushing the edge of the pier concrete against the footing. The concrete 
compressive strength ( 'cf ) of 27.6 MPa (4 ksi) and steel yield strength (Fy) of 413.7 MPa (60 
ksi) are used for all materials. 
4.3 Structural Modeling and Response Measures 
The Mid-America Earthquake Center program Zeus-NL was utilized to perform the 
analyses for the selected structures. Zeus-NL is an inelastic fiber analysis package which was 
specifically developed for earthquake engineering applications (Elnashai et al., 2004). The Santa 
Monica Bridge was assumed to have three piers for the simplification. The overall structural 
configuration is similar to the real structure as shown in Figure 4.8. The deck consisted of a 3-
cell continuous box girder was modeled as an equivalent elastic rectangular hollow section. 
Masses are placed on the deck and the initial loads, which was calculated with deck self-weight 
applied to the top of piers, is shown in Table 4.1. The material properties of this bridge are 










Figure 4.8 Layout of Model Structure, units: m 
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Table 4.1 Initial load (kN) 
 Pier 1 Pier 2 Pier 3 
Initial load 2288.82 2515.62 2834.56 
 
Table 4.2 Material properties of bridge selected for parametric study 
Concrete Reinforcement bar 
Compressive strength, f’c 34.5 MPa Yield strength, Fy 413 MPa 
Crushing strain 0.0025 Young modulus, Es 210,000 MPa 
Young modulus, Ec 29,000 MPa Hardening modulus, Esh 2,100 MPa 
Concrete density (for self-weight) 2500 kg/m3 Steel density (for self-weight) 7850 kg/m3 
 
 
Also, to remove the spurious high frequency effect on axial components of dynamic 
analysis result, 2% Rayleigh damping was used for all analytical work in this chapter. The 
second frequency, which used to define the Rayleigh damping constants, was selected near 30 
Hz. This is because the vertical ground motion is associated with high frequencies and selection 
of low frequency for Rayleigh damping coefficient can damp out the structural response caused 
by vertical ground motion.  
The FHWA Bridge #4 described in Section 4.2.2 was employed as a prototype structure 
for the experimental investigation of the effect of vertical ground motion on bridge pier which is 
studied in Chapters 6 to 8. One of the important objectives of the analytical work presented 
herein was to provide realistic loading scenarios for the experimental investigations. Therefore, 
material properties of test specimen were employed in the analysis. Concrete compressive 
strength ( 'cf ) of 43.4 MPa was evaluated from cylinder test. The steel yield strengths (Fy) of 
longitudinal bar and spirals from coupon test were obtained as 427.5 MPa and 517.1 MPa, 
respectively. The experimental work was mainly intended to study different pier shear behavior 
under horizontal ground motion and combined horizontal and vertical ground motion. However, 
as shown in Table 4.3, compared with the required shear strength, the shear strengths of the 
prototype pier for plastic hinge zones and elsewhere are over-designed by 83% and 31%, 
respectively. Therefore, following the prototype design could create difficulties in investigating 
the effect of vertical ground motion. Additionally, the uncertainty of material properties in the 
physical specimen should be taken into account. Therefore, it was decided that pinned 
connections at the base of prototype structure be replaced by fixed connections. The bridge has a 
  80
skew angle of 30o at the bents and abutments. Since adding the effect of skewness on structural 
behavior can make the seismic assessment of structure complicated and it is beyond the scope of 
this study, the skewness of bridge was removed. Figure 4.9 shows the analytical modeling of 
FHWA Bridge #4. The deck and cap beam was modeled as equivalent elastic rectangular hollow 
sections and rectangular beam sections, respectively, while rigid links were used between cap 
beam and piers. 
 
Table 4.3 Comparison between required and designed shear strength of FHWA Bridge #4 
Outside of plastic hinge zone 
(152.4 mm spacing) 
Plastic hinge zone** 
(88.9 mm spacing) Required shear strength* 
( requiredV , kN) 
nV , kN /n requiredV V  nV , kN /n requiredV V  
1686 2214 1.31 3081 1.83 
 *   The safety factor is not considered. 
 ** Spiral spacing is reduced as 88.9 mm due to limitation of the volumetric ratio of spiral in the     















Figure 4.9 Analytical modeling of FHWA Bridge #4, units: m 
 
To account for shear deformation, the piers were modeled with a shear spring (Lee and 
Elnashai, 2001) in parallel with an inelastic beam element as shown in Figure 4.10 (a). The 
primary curve of the shear spring is defined by a quatrilinear symmetric relationship that 
accounts for the cracking, yielding, and ultimate states, as shown in Figure 4.10 (b). Response 
2000 (Bentz 2000) was employed to define the primary curve. Response 2000 is fiber analysis 
program for RC members employing the Modified Compression Field Theory (Vecchio and 
Collins, 1986). As illustrated in Figure 4.11, pier model was verified with previous experimental 
data of both a shear-critical column (Ang et al. 1989) and a flexural-critical column (Calderone 
et al. 2000). Although the analytical result shows slightly larger energy dissipation capacity, a 
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good agreement in both strength and stiffness degradation is observed. Moreover, pinching of the 

































(a) Modeling approach (b) Primary Curve (after Lee and Elnashai, 2001) 
Figure 4.10 Shear spring modeling in Zeus-NL 
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Figure 4.11 Comparison between experiments and Zeus-NL with shear spring 
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4.4 Selection of Strong Ground Motion Records 
Earthquake ground motion records from 5 stations close to the source with vertical PGA 
greater than 0.3g and V/H ratio larger than 0.6 are selected as shown in the Table 4.4. The V/H 
ratios and time interval between horizontal and vertical peaks of ground motion are shown in 
Table 4.5.  
 
Table 4.4 Selected stations for analytical investigation of bridges 
Distance (km)* Earthquake Date Mw Depth (km) Station Ep. Hypo. Closest 
Site Reference Name 
Loma Prieta 10/18/1989 7 17.48 Corralitos 7.2 18.9 3.9 B LP-CLS 
Northridge 1/17/1994 6.7 17.5 Arleta - Fire 11.1 20.7 8.7 B NO-ARL 
    Sylmar - Converter 13.1 21.9 5.4 C NO-SCS 
Kobe 1/16/1995 6.9 17.9 Kobe University 25.0 31.1 0.9 B KB-KBU 
    Port Island 20.0 26.3 3.3 C KB-PRI 
* Ep.: Epicentral distance, Hypo.: Hypocentral distance 
Table 4.5 V/H ratio and Time lag for the selected records 
PGA (g) Reference Name 
HGM VGM 
V/H Time Lag (sec) 
LP-CLS-L 0.644 0.455 0.71 0.07 
LP-CLS-T 0.480  0.95 1.50 
NO-ARL-L 0.345 0.552 1.60 1.28 
NO-ARL-T 0.308  1.79 2.78 
NO-SCS-L 0.614 0.585 0.95 2.03 
NO-SCS-T 0.897  0.65 4.32 
KB-KBU-L 0.290 0.380 1.31 -1.08 
KB-KBU-T 0.310  1.22 0.53 
KB-PRI-L 0.315 0.562 1.79 1.89 
KB-PRI-T 0.278  2.02 0.77 
 
The dominant frequency and frequency contents of the selected records were studied 
through the Fast Fourier Transform (FFT) method. Figure 4.12 shows the Fourier amplitude plot 
of each component of the selected records. As shown in Figure 4.12, the frequency content of the 
vertical ground motion is higher than those of other components. However, the dominant 
frequency from FFT is difficult to be distinguished due to the proximity of frequency peaks. 
Therefore, response spectral analysis with 2% damping, suggested by Elnashai and Papazoglou 
(1997), was used to determine the dominant period where the maximum spectral acceleration 
occurs. Most codes recommend a value of 5% damping for use in the design of RC structures, 
regardless of vertical and horizontal motion. However, as discussed previously, vertical spectra 
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are in general associated with higher frequency oscillations and hence lower damping (Elnashai 
and Papazoglou, 1997). Figure 4.13 and Table 4.6 show the response acceleration spectra and 
dominant period for each component of the selected records. Table 4.6 indicates that the ranges 
of dominant period are 0.20 ~ 1.28 sec, 0.22 ~ 1.06 sec, and 0.08 ~ 0.20 sec for longitudinal, 
transverse, and vertical component of records, respectively. In addition, as depicted in Figure 
4.13 (d), vertical spectra proposed by EC8 are matched well with those of selected records. 
 
 







































                             (a) Kobe-Port Island                                                    (b) Northridge-Arleta Fire 
Figure 4.12 Frequency analysis of selected earthquake records 
 
Table 4.6 Dominant periods from response spectra for component of selected records 
Period (sec) Earthquake Station 
Long. Trans. Vert. 
Loma Prieta Corralitos 0.31 0.75 0.21 
Northridge Arleta - Fire Sta 0.24 0.23 0.11 
 Sylmar - Converter Sta 0.77 0.55 0.11 
Kobe Kobe University 1.22 0.41 0.15 















































(a) Horizontal acceleration response spectra                   (b) Vertical acceleration response spectra 



































(c) Normalized vertical acceleration response spectra 
Figure 4.13 Response spectra with 2%ζ =  
4.5 Analysis Results 
4.5.1 Parametric Study with Various Bridge Configurations 
A preliminary parametric study was performed to evaluate the effect of vertical ground 
motion on RC bridges with different geometric configurations. A simple bridge with 2 spans and 
a single pier was selected as shown in Figure 4.14. Deck self weight was imposed on the top of 
pier as initial load. Among the earthquake ground motions introduced in Section 4.4, records 
from four stations comprising Loma Prieta-Corralitos, Northridge-Arleta Fire Station, Kobe-
Kobe University, and Kobe-Port Island stations were selected. An analytical investigation was 
undertaken with 6 combinations of each component of the earthquake records: L (longitudinal 





Figure 4.14 Layout of simple bridge 
Table 4.7 Geometric configuration and fundamental period of bridges for parametric study 
Deck Length (m) Fundamental Period (sec) Case No. 
L1 L2 L1/L2 Total 
Pier  
Height (m) Long. Trans. Vert. 
Span Length        
1 10.0 10.0 1.0 20.0 6.09 0.187 0.015 0.026 
2 20.0 20.0 1.0 40.0 6.09 0.262 0.054 0.078 
3 30.0 30.0 1.0 60.0 6.09 0.320 0.111 0.164 
4 40.0 40.0 1.0 80.0 6.09 0.369 0.175 0.290 
5 50.0 50.0 1.0 100.0 6.09 0.413 0.238 0.444 
Span Ratio        
1 10.0 50.0 0.2 60.0 6.09 0.320 0.122 0.411 
2 17.1 42.9 0.4 60.0 6.09 0.320 0.116 0.307 
3 22.5 37.5 0.6 60.0 6.09 0.320 0.113 0.239 
4 26.7 33.3 0.8 60.0 6.09 0.320 0.111 0.192 
5 30.0 30.0 1.0 60.0 6.09 0.320 0.111 0.168 
Column Height        
1 30.0 30.0 1.0 60.0 4.00 0.171 0.091 0.161 
2 30.0 30.0 1.0 60.0 6.00 0.313 0.110 0.168 
3 30.0 30.0 1.0 60.0 8.00 0.482 0.119 0.173 
4 30.0 30.0 1.0 60.0 10.00 0.675 0.123 0.178 
5 30.0 30.0 1.0 60.0 12.00 0.889 0.125 0.181 
 
 
As detailed in Table 4.7, the considered bridge configurations are (i) 5-equal spans with 
each length varying from 10m to 50m (ii) varying the ratio of the first span length to the second 
span length (0.2 to 1.0), and (iii) varying the column heights from 4m to 12m. Eigenvalue 
analyses indicate that structural periods for the first set of bridge configurations are elongated as 
the span length increase due to the increase of mass. In case of varying span ratio, there is no 
noticeable change in periods of longitudinal and transverse directions, while the fundamental 
vertical period decreases as the span ratio increases. In the case of varying column heights, only 
the fundamental longitudinal period shows noticeable increase as the column height increases. 




It is observed that the longitudinal displacement increases as the span length and column 
height increase. This is mainly due to either increase of mass on the bridge or the reduction of 
lateral stiffness. Including vertical ground motion does not have a significant effect on the lateral 
displacement. However, the axial force of pier is affected when vertical ground motion is 
included. As indicated in Figure 4.15 (a), in case of varying span length the ratio of vertical 
seismic force (EQ) to gravity load force (DL) ranges between 31% and 88% when vertical 
ground motion is considered. One of the interesting observations from Figure 4.15 (a) is that the 
ratio of EQ to DL for the bridge with span length of 20 m is higher than that of other structures. 
The fundamental vertical period of this structure reported in Table 4.7 is 0.0781 sec, while the 
dominant period of vertical ground motion from Northridge-Arleta Fire is 0.11 sec as shown in 
Table 4.4. Thus, the vertical period of this structure is close to the dominant periods of vertical 
ground motion, leading to amplification of the vertical response of the structure. In addition, the 
vertical periods of this structure could be elongated due to crackings as structural demand 
increases. In case of varying span ratio, the ratio of vertical seismic force (EQ) to gravity load 
force (DL) as illustrated in Figure 4.15 (b) decreases as the span ratio increases when horizontal 
excitations only are considered. Conversely, it is observed that the ratio increases when the 
vertical ground motion is included. The reason could be that the fundamental vertical period is 
shorter as the span ratio increases and vertical ground motion is associated with shorter periods. 
The ratio increases from 31% to 56% due to vertical ground motion, while it decreases from 35% 
to 11% when vertical ground motion is not included. In contrast, the column height does not 
influence significantly the effect of vertical ground motion on axial force. As shown in Figure 
4.15 (c), the ratio increases as the column height decreases when vertical ground motion is 
neglected. This is mainly due to the increase of axial stiffness of column, which results in 
attracting high levels of axial force to the column. However, the change in EQ-to-DL ratio is 
relatively small when vertical ground motion is included. As explained previously, the 
fundamental vertical periods increase slightly as column height increases but the rate of increase 
is relatively small because the vertical stiffness of this bridge is mainly associated with stiffness 
of deck. The ratio of vertical period of the structure and the dominant period of the vertical 
ground motion plays an important role in the axial force of the structure as observed above. 
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                     (a) Span length, Arleta Fire    (b) Span ratio, Kobe University      (c) Column height, Arleta Fire   
Figure 4.15 Ratio of vertical seismic force (EQ) to gravity load force (DL) 
 
 Figure 4.16 shows the contribution of vertical ground motion to axial force variation and 
indicates that the latter increases considerably with the addition of vertical ground motion when 
the fundamental vertical period of bridge (i.e. span length of 20 m and 30 m) is close to the 
dominant period of input vertical ground motion. For example, in the case of varying span length, 
the contribution ratio increased by 93% for case 2 as shown in Figure 4.16 (a). Also, as span 
ratio increases, the contribution ratio increases by up to 80% as illustrated in Figure 4.16 (b). 
Therefore, it is concluded that the effect of vertical ground motion on axial force can increase as 
the span ratio is close to 1 and the vertical period of structure is close to the dominant period of 
























































































                                       (a) Span length                                                                   (b) Span ratio 
Figure 4.16 Contribution of vertical ground motion to axial force variation, LT and LTV 
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The shear strength model proposed by Priestly et al. (1994), described in Section 2.5.2, 
was employed to evaluate the shear capacity of the pier. As shown in Figure 4.17 (a) and (b), in 
cases of varying span length and ratio, the effect of vertical ground motion on shear demand 
varies and no clear trend is observed. In contrast, Figure 4.18 (a) and (b) indicates that the shear 
capacity decreases due to vertical ground motion as span length and span ratio increase. 
Particularly, the shear capacities of the span length of 40 m and span ratio of 1.0 are reduced by 
37% and 33% due to vertical ground motion, respectively, when Kobe-Port Island record was 
applied. For varying column height, it is observed that shear capacity decreases and shear 
demand increases as the column height decreases. The reason is that the shorter column, thus the 
higher stiffness, is attracting higher demand. As mentioned previously, the effect of vertical 
ground motion on the horizontal displacements is minimal, indicating that the effect on the 
concrete contribution (Vc) in the approach by Priestley et al (1994) is not significant because this 
component is mainly determined by the ductility level. Thus, the only important variable which 
can affect the shear capacity is the contribution of axial force (Vp) in the shear capacity 
expression. Vp is a function of the inclination of the compression strut and the axial load as 
expressed in Eq. (2.25) in Chapter 2. Thus, for a given the axial load, Vp is significant as the 
member aspect ratio decreases. As observed in Figure 4.15, the effect of vertical ground motion 
on the axial load is insignificant for the varying column height. Therefore, the shear capacity for 
the shorter column is significantly reduced when the vertical ground motion is included. 
 
 





















































             (a) Varying span length           (b) Varying span ratio                       (c) Varying column height 
Figure 4.17 Effect of vertical ground motion on the shear demand, LT and LTV 
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            (a) Varying span length           (b) Varying span ratio                        (c) Varying column height 
Figure 4.18 Effect of vertical ground motion on the shear capacity, LT and LTV 
 
4.5.2 Analysis with Raw Records  
Provided hereafter is the analytical study of the Santa Monica Bridge and the FHWA 
Bridge #4. Investigation with the natural selected earthquake records was performed before 
analytical work considering the V/H ratio and time interval between horizontal and vertical 
peaks. The effect of the vertical component of earthquake record was assessed by comparing 
between the fundamental periods from eigenvalue analysis and the periods of structural vibration 
from time history analysis. From eigenvalue analyses, the fundamental horizontal periods of the 
Santa Monica Bridge and FHWA Bridge #4 are 0.2799 and 0.3515 sec, respectively, while the 
fundamental vertical periods are 0.0859 and 0.1803 sec, respectively. As detailed in Table 4.8, 
the period of structural vibrations were investigated by applying each component of the selected 
ground motions. The input ground motion with scale factors of 0.1 and 1 was used to evaluate 
the elastic and inelastic periods of the structural vibration. The periods of structural vibrations 
were obtained by using Fast Fourier Transform (FFT) analysis. To increase the resolution of FFT 
analysis, zero-padded data were added to the results from dynamic analysis. 
The evaluated period of structural vibration with scale factor of 0.1 was expected to be 
slightly larger than the fundamental period obtained from eigenvalue analysis. This is because 
the period of vibration could be elongated due to crackings which can be caused by even lower 
demanding record. Table 4.8 confirms this expectation with the exception of only a few cases. 
For instance, the fundamental horizontal frequency of the Santa Monica Bridge is 3.5727 Hz 
(0.2799 sec), while the frequency of horizontal vibration under the Northridge-Arleta Fire station 
is 3.5920 Hz (0.2784 sec). Thus, the frequency of vibration is 0.0192 Hz larger than the 
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fundamental period. The discrepancy is due primarily due to the resolution of the frequency 
analysis which can be determined through the ratio of sampling frequency to number of data. A 
time step of 0.005 sec was used throughout this study; thus, producing a sampling frequency of 
200 Hz. To have a resolution of 0.01 Hz, the required number of data is 20000, which 
corresponds to strong ground motion duration of 100 sec and thus requires more expensive 
analysis effort. Although the resolution of FFT is relatively low due to high sampling rate and 
limited number of data points, the obtained periods of vibration are very close to the fundamental 
periods for the structures considered. Table 4.8 indicates that the vertical periods of vibration of 
both bridges increase when the vertical ground motion is considered, while the effect of vertical 
ground motion on the horizontal period is relatively small. For instance, for the transverse 
component of the Northridge-Arleta Fire station, the horizontal and vertical periods of the Santa 
Monica Bridge increase by 0.92% and 52%, respectively.  
 
Table 4.8 Period of structural vibration for individual earthquake record 
Horizontal Period Vertical Period Reference Name 
of Record 0.1 HGM HGM H+VGM IR (%) 0.1 VGM VGM H+VGM IR (%) 
Santa Monica Bridge 
LP-CLS-L 0.3219 0.5559 0.5620 1.11 0.0868 0.1654 0.2237 35.25 
LP-CLS-T 0.2876 0.4401 0.7372 67.49   0.1648 -0.36 
NO-ARL-L 0.2878 0.4209 0.4172 -0.89 0.0867 0.1434 0.1509 5.20 
NO-ARL-T 0.2784 0.3779 0.4455 17.88   0.1756 22.45 
NO-SCS-L 0.2886 0.9091 0.9141 0.55 0.0868 0.1498 0.1798 20.05 
NO-SCS-T 0.2827 0.5615 0.5596 -0.33   0.1800 20.19 
KB-KBU-L 0.2830 0.3885 0.3887 0.06 0.0894 0.1239 0.1573 26.96 
KB-KBU-T 0.2813 0.4398 0.4439 0.92   0.1878 51.56 
KB-PRI-L 0.2830 0.3758 0.4495 19.61 0.0881 0.1591 0.1711 7.54 
KB-PRI-T 0.2853 0.3700 0.4995 34.98   0.1710 7.46 
FHWA Bridge #4 
LP-CLS-L 0.4244 0.7314 0.7314 0.00 0.1782 0.1782 0.1849 3.75 
LP-CLS-T 0.3876 0.7793 0.7802 0.12   0.1851 3.84 
NO-ARL-L 0.4058 0.6647 0.6660 0.20 0.1809 0.1809 0.1810 0.06 
NO-ARL-T 0.3844 0.6680 0.6694 0.20   0.1809 0.03 
NO-SCS-L 0.3965 1.1358 1.1358 0.00 0.1797 0.1797 0.1868 3.90 
NO-SCS-T 0.3989 0.9217 0.9204 -0.14   0.1869 3.99 
KB-KBU-L 0.3922 1.2555 1.2652 0.77 0.1816 0.1816 0.1824 0.47 
KB-KBU-T 0.4050 0.4745 0.4742 -0.07   0.1826 0.56 
KB-PRI-L 0.4360 0.6057 0.6068 0.18 0.1816 0.1816 0.1823 0.42 
KB-PRI-T 0.3903 1.3107 1.3055 -0.40   0.1821 0.31 
* HGM: Horizontal ground motion, VGM: Vertical ground motion,  
* IR: Increasing ratio of period variation 
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Figure 4.19 compares the axial force history of the pier with and without vertical 
excitation. The figure also shows the location of investigated piers in this study. As shown, the 
axial force variation increases considerably when vertical motion is included. Table 4.9 
summarizes the axial force variation in the pier obtained from inelastic dynamic analysis. The 
table shows that the contribution to the axial force imposed on the pier by vertical ground motion 
increases significantly from 41% to 80% for the Santa Monica Bridge and from 58% to 93% for 



























(a) Santa Monica Bridge, Kobe-Port Island-Longitudinal 
 
 























 (b) FHWA Bridge #4, Northridge-Sylmar Converter-Longitudinal 




Table 4.9 Variation of axial force on the pier 
Axial Force (kN) 
HGM H+VGM Axial Force Variation Reference Name 
of Record Max Min Max Min HGM H+VGM Ratio of  Increase (%) 
Contribution of 
VGM  to axial  
force variation (%) 
Santa Monica Bridge        
LP-CLS-L -1287 -3209 -585 -4158 1922 3573 85.9 46.21 
LP-CLS-T -1463 -3404 -590 -4861 1941 4271 120.0 54.55 
NO-ARL-L -1462 -3246 -374 -4543 1784 4169 133.7 57.21 
NO-ARL-T -1411 -3176 -308 -4540 1765 4232 139.8 58.29 
NO-SCS-L -1419 -2947 305 -4583 1528 4889 220.0 68.75 
NO-SCS-T -1160 -3761 -85 -4518 2601 4433 70.4 41.32 
KB-KBU-L -1720 -2868 32 -4223 1148 4255 270.8 73.03 
KB-KBU-T -1426 -3327 -277 -3792 1901 3515 84.9 45.93 
KB-PRI-L -1960 -2742 -86 -4007 782 3922 401.8 80.07 
KB-PRI-T -1860 -2741 -317 -4107 881 3790 330.1 76.75 
FHWA Bridge #4        
LP-CLS-L -2614 -5070 -77 -7827 2456 7749 215.5 68.30 
LP-CLS-T -2669 -4908 -249 -7849 2239 7600 239.4 70.54 
NO-ARL-L -3091 -4299 -477 -7078 1207 6601 446.8 81.71 
NO-ARL-T -3328 -4387 -877 -7025 1058 6148 480.8 82.78 
NO-SCS-L -2194 -4936 648 -8466 2742 9114 232.4 69.92 
NO-SCS-T -2294 -6170 692 -8629 3876 9321 140.5 58.42 
KB-KBU-L -3389 -4149 -542 -7365 760 6823 797.9 88.86 
KB-KBU-T -3035 -4253 -345 -7390 1218 7045 478.6 82.72 
KB-PRI-L -3393 -4260 2871 -9960 866 12831 1381.0 93.25 
KB-PRI-T -3269 -4324 2095 -9974 1056 12068 1043.2 91.25 
 
 
One of the primary concerns of this study is the effect of axial force variation on pier 
shear demand and capacity. Therefore, as stated previously, the predictive approach of Priestley 
et al. (1994) was employed to estimate shear capacity. To determine the concrete contribution 
(Vc) to the shear capacity, either curvature or displacement ductility can be used (see Figure 2.14 
in Section 2.5.2). For the calculation of curvature or displacement ductility, the yield curvature or 
displacement should be defined accurately. The yield point can be influenced by axial force, 
compressive strength, yield strength of steel, etc. For instance, axial compression force increases 
the neutral axis depth, leading to an increase of the yield curvature. In the time history analysis, 
the yield point varies because the axial force level varies with time. Therefore, it was decided 
that yield displacement and curvature obtained from push-over analysis with possible axial load 
levels be used to estimate the ductility level. Figure 4.20 shows the obtained yield curvature and 
displacement for each axial load level, where compression is negative. Since the relationship 
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between yield curvature or displacement and applied axial load is almost linear, the ductility 
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              (a) Yield displacement, Santa Monica Bridge                    (b) Yield curvature, FHWA Bridge #4 
Figure 4.20 Yield displacement and curvature for various axial load levels 
Figure 4.21 illustrates the shear demand and capacity of a FHWA Bridge #4 pier when 
subjected to the Northridge-Sylmar Converter record. It is observed that the shear capacity 
obtained by using curvature ductility is slightly different from that evaluated by using 
displacement ductility. The shear demand marginally exceeds the capacity when only the 
horizontal ground motion is considered. However, the demand clearly exceeds capacity when 
vertical ground motion is included. As detailed in Table 4.10, the shear capacity is reduced by as 
much as 15% due to vertical ground motion. Thus, in this case, the pier would survive with only 
horizontal excitation, while failure would occur if vertical motion is included in the assessment. 
The comparison between shear demand and capacity for all records considered is shown in Table 
4.10. Generally, shear capacity is reduced to the inclusion of vertical motion. 
 















Shear Capacity, Curvature Ductility      Shear Capacity, Displacement Ductility      Shear Demand   
















Figure 4.21 Shear capacity and demand of pier, FHWA Bridge #4, NO-SCS-L record 
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Table 4.10 Shear capacity and demand of pier for original records, unit: kN 
HGM H+VGM Rate of Increase (%) Record SD SC-C* SC-D** SD SC-C SC-D SD SC-C SC-D 
Santa Monica Bridge        
LP-CLS-L 2420 1010 1097 2410 887 958 -0.41 -12.09 -12.64 
LP-CLS-T 2294 1542 1583 2366 1644 1699 3.12 6.62 7.34 
NO-ARL-L 2185 2026 2009 1770 1986 1986 -19.00 -1.97 -1.16 
NO-ARL-T 1887 2026 2026 1896 1986 1986 0.44 -1.97 -1.97 
NO-SCS-L 2373 1200 1382 2352 1215 1410 -0.86 1.23 2.04 
NO-SCS-T 2512 943 1068 2548 1008 1115 1.43 6.84 4.39 
KB-KBU-L 2052 2026 1999 2070 1986 1986 0.85 -1.97 -0.67 
KB-KBU-T 2273 1694 1718 2193 1739 1661 -3.51 2.61 -3.37 
KB-PRI-L 1843 2026 2125 1973 1986 1986 7.06 -1.97 -6.56 
KB-PRI-T 1852 2026 2125 1681 1986 1986 -9.24 -1.97 -6.56 
FHWA Bridge #4        
LP-CLS-L 2520 3917 3490 2578 3627 2883 2.28 -7.41 -17.37 
LP-CLS-T 2806 3309 3064 2869 3426 2946 2.23 3.55 -3.85 
NO-ARL-L 2220 3917 3917 2245 3887 3854 1.13 -0.77 -1.61 
NO-ARL-T 2104 3917 3917 2124 3887 3769 0.96 -0.77 -3.78 
NO-SCS-L 2992 2898 2854 2975 2463 2444 -0.55 -15.00 -14.38 
NO-SCS-T 3048 2841 2794 3130 2444 2444 2.69 -13.97 -12.53 
KB-KBU-L 2138 3921 3917 2179 3788 3613 1.91 -3.40 -7.76 
KB-KBU-T 1543 3918 3917 1552 3887 3887 0.56 -0.79 -0.77 
KB-PRI-L 2161 3927 3705 2158 3870 3620 -0.16 -1.44 -2.30 
KB-PRI-T 2185 3918 3515 2205 3866 3709 0.90 -1.32 5.51 
*    SC-C: shear capacity calculated by using curvature ductility 
**  SC-D: shear capacity calculated by using displacement ductility 
 
4.5.3 Effect of V/H Ratio 
In this section, investigation of the effect of the ratio between peak vertical and horizontal 
acceleration (V/H) is presented. For a fixed time interval and horizontal PGA, 16 V/H ratios per 
earthquake record were considered (0.5 to 2.0 in increments of 0.1) and the results were 
compared with the case of horizontal-only excitation. Due to the scarcity of viable earthquake 
records, the original records were manipulated. However, the variability of records in general is 
such that scaling of records for V/H ratio is acceptable in the context of the current targeted 
investigation.  
The effect of V/H ratio on the periods of structural vibration was investigated, as 
illustrated in Figure 4.22. Herein, V/H ratio equal to zero indicates that the vertical ground 
motion is not considered. The vertical period presented here is compared with vertical period 
obtained from analysis with the raw record with a scale factor of 0.1 (Table 4.8). This is because 
the period of vertical vibration obtained from analysis with horizontal ground motion alone is 
primarily associated with the period of horizontal vibration (i.e., the vertical period is almost half 
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of the horizontal period). Thus, it could not be compared with the vertical period of structure 
subjected to vertical ground motion. Figure 4.22 (a) indicates that the vertical period of the Santa 
Monica Bridge is significantly elongated when vertical ground motion is included. The 
horizontal period is also increases for many of the records. The vertical period of the FHWA 
Bridge #4 shown in Figure 4.22 (b) is elongated by up to 6.9%. However, the horizontal period 
does not show a clear trend and the level of change is within 3%. Although the data shows 
scatter due to variations in input motion and resolution of FFT analysis, the overall trend 
indicates  the period of vibration increases with an increase of V/H ratio. 
Lateral displacement is observed to either increase or decrease as vertical amplitude 
increases. As shown in Figure 4.23, the impact on displacement was found to range from -34.1% 
to 24.1% for the Santa Monica Bridge and from -6.7% to 11.2% for the FHWA Bridge #4. The 
effect of V/H on displacement is mainly due to the increase of the horizontal period of vibration 
and can be explained by considering the spectral displacement of record and the period of the 
structure. Figure 4.24 provides the spectral displacement for the selected records and the location 
of horizontal period of bridges obtained from analysis only with horizontal ground motion (see 
Table 4.8). The spectral displacement either increases or decreases as structural period increases. 
For example, in case FHWA Bridge #4, the spectral displacement of the KB-KBU-L record 
increases as period increases. Thus, the displacements shown in Figure 4.23(b) increase by up to 
11.2%. Conversely, the spectral displacement of NO-SCS-T decreases as period increases Thus, 
the lateral displacement obtained from analysis decreases by up to 6.7%. Therefore, it can be 
concluded that the period of horizontal vibration of structures is elongated due to vertical ground 
motion, leading to the increase or decrease of lateral displacement of structure, depending mainly 
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(a) Santa Monica Bridge 






















































(b) FHWA Bridge #4 
Figure 4.22 Effect of vertical ground motion on the period of vibration, V/H ratio 

















































                           (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.23 Effect of vertical ground motion on the lateral displacement of pier, V/H ratio 











































                           (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.24 Spectral displacement of the selected records and the location of horizontal period of 
the bridge obtained from analysis with horizontal ground motion only 
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The effect on the deck moment at the left face of the intersection between the deck and 
either the investigated pier (see Figure 4.19) or cap beam is presented in Figure 4.25. The impact 
of V/H ratio on the moment demand of the piers is also shown in Figure 4.26. It is observed that 
the moment of superstructure increases significantly as V/H ratio increases. The moment 
demands of superstructure in the Santa Monica Bridge and FHWA Bridge #4 increase by up to 
155% and 222%, respectively. Although this study focuses mainly on the behavior of the pier 
and, thus, the superstructure is modeled elastically, this amount of moment increase is 
considerable. Therefore, further investigation of the effect of vertical ground motion on the 
bridge superstructure should be addressed in the future. Concerning the moment demand of the 
pier, it is observed that demand increases by up to 11% for both bridges, with the exception of a 
few cases, as vertical amplitude increases. One of the interesting observations is that the lateral 
displacement of FHWA #4 subjected to NO-SCS-T decreases by about 6.7% as mentioned 
previously, while the moment of this structure increases by about 11%. This cannot be explained 
by horizontal response but only by the vertical response of the structure. Figure 4.27 illustrates 
the ratio of contribution of vertical ground motion to the axial force variation, normalized by the 
dead load, given by: 
 
Axial Force Variation Axial Force VariationRatio 100
Dead Load
H VGM HGM+ −= ×  (4.1) 
 
This ratio increases noticeably for both structures as V/H ratio increases. This ratio for 
the Santa Monica Bridge and the FHWA Bridge #4 increases by 311% and 595%, respectively. 
In the case of the FHWA Bridge #4, the most demanding record for axial force variation is NO-
SCS-T, which leads to a decrease of lateral displacement and an increase of moment, as stated 
previously. Therefore, even if the lateral displacement decreases, the moment demand could 
increase significantly due to P- Δ  effect and high levels of axial force variation due to vertical 
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                           (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.25 Effect of vertical ground motion on the moment of superstructure, V/H ratio 
 
 




















































                           (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.26 Effect of vertical ground motion on the moment of pier, V/H ratio 
 
 





























































































                            (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 




The variation of axial load discussed above also leads to fluctuations in pier shear 
demand and capacity. Figure 4.28 presents the effect of vertical ground motion on the shear 
demand of bridge piers, while Figure 4.29 and Figure 4.30 depict the pier shear capacity of Santa 
Monica Bridge and FHWA Bridge #4, respectively. For the Santa Monica Bridge, no clear 
correlation exists between the shear demand and V/H ratio, while the shear demand of FHWA 
Bridge #4 increases by approximately 5% when compared to horizontal excitation only. 
Concerning the shear capacity of the pier, the predictive approach by Priestley et al. (1994) was 
utilized. To estimate the concrete contribution (Vc) to shear capacity, both curvature and 
displacement ductilities were used. Though some of the records studied produce slight increases 
in shear capacity for the Santa Monica Bridge pier, the overall trend shows significant reductions 
in shear capacity, with a maximum of 31.1%, as vertical motion amplitude increases. The results 
obtained by using curvature and displacement ductility are similar. The shear capacity of the 
FHWA #4 Bridge piers, depicted in Figure 4.30, also shows a clear trend in reduction of shear 
capacity. The shear capacities estimated by curvature and displacement ductility are reduced up 
to 20.5% and 24.3%, respectively due to vertical ground motion. For some records, the rate of 
shear capacity reduction is observed to increase up to a V/H Ratio of 1.0 and then plateau. The 
reason for this anomaly is that in the shear strength model adopted in this study the contribution 
of axial force (Vp) is taken to be zero for axial tension.  Thus, the effect of axial tension, 
frequently observed for high V/H ratios, is not properly taken into account. As mentioned, the 
reductions in shear capacity observed above are primarily due to high axial force variation. For 
example, for the NO-SCS-L and LP-COR-L records, the lateral displacements for the FHWA 
Bridge #4 increase by 1.2% and 4.2%, respectively. Such changes produce negligible changes in 
the shear capacity as determined from the relationships of Priestley et al (1994). On the contrary, 
axial force variations induced by vertical ground motion increase by up to 392% and 572% 
compared to dead load. Figure 4.30 indicates that shear capacity for these two ground motions 
are reduced by 16.0% and 24%. Therefore, it is concluded that the axial force variation results in 
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                            (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.28 Effect of vertical ground motion on the shear demand of pier, V/H ratio 
 
 














































































                                (a) Curvature ductility                                                   (b) Displacement ductility  
Figure 4.29 Effect of vertical ground motion on the shear capacity  
of Santa Monica Bridge pier, V/H ratio 
 













































































                                (a) Curvature ductility                                                   (b) Displacement ductility 
Figure 4.30 Effect of vertical ground motion on the shear capacity  
of FHWA Bridge pier, V/H ratio 
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4.5.4 Effect of Time Interval 
The study by Collier and Elnashai (2001) indicates that horizontal and vertical ground 
motion peaks can be coincident when the source distance is less than 5 km. Within 25 km from 
the source, the arrival time interval for most records is less than 5 sec (see Figure 2.5 in Chapter 
2). Thus, in this study, 11 arrival intervals (0.0 to 5.0 sec with an increment of 0.5 sec) were 
studied. The specified arrival time was achieved by shifting the horizontal record along the time 
axis and the original recorded V/H ratios were maintained throughout the arrival time study. The 
results were then compared against the response with coincident horizontal and vertical peaks. 
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(a) Santa Monica Bridge 


























































(b) FHWA Bridge #4 
Figure 4.31 Effect of vertical ground motion on the period of vibration, Time Lag 
 
The effect of arrival time interval on the period of vibration was studied by comparing 
against results from the case of the coincident vertical and horizontal peaks. However, the 
proximity of peaks prevented the use of the normal Fourier Amplitude Spectrum plot for the 
determination of the dominant inelastic period, as shown in Figure 4.31. Thus, inelastic periods 
were evaluated from a moving window Discrete Fourier Transform analysis. To overcome 
problems of discontinuities, the Hanning window method was used for each segment. Since 
  102
these periods are obtained from each segment of data, the values are not strictly dominant 
periods, but rather they give a trend of period shift. Figure 4.32 indicates that the horizontal 
period is more elongated when the time interval is small. This effect is shown clearly when the 

















































                       (a) Horizontal period                                              (b) Vertical period 
Figure 4.32 Period change versus time, Santa Monica Bridge with Kobe-Port Island 
 
Figure 4.33 to Figure 4.35 present the effects of arrival time interval on the lateral 
displacement, moment of superstructure, and moment of pier. It is observed that changes in 
arrival time interval have no clear correlation with moments of superstructure and pier, and 
lateral displacement. For instance, lateral displacement is observed to change from -24% to 21% 
for Santa Monica Bridge and from -16% to 28% for FHWA Bridge #4. Although no clear 
correlation between these responses and time intervals exists, the noticeable fluctuation may 
affect the capacity of the structure. Figure 4.36 indicates that the contribution of vertical ground 
motion to the axial force variation tends to be reduced as time interval increases. However, the 
effect is relatively small compared when compared to the effect of V/H ratio. Therefore, it is 
concluded that the fluctuation of axial force is mainly due to the amplitude of vertical ground 
motion and not its arrival time.  
Figure 4.37 shows the effect of time interval on the shear demand of the pier, while 
Figure 4.38 and Figure 4.39 illustrate the change of shear capacity of the pier due to time lag. 
Although no clear correlation exists between either the shear demand or capacity and the time 
lag, noticeable changes are observed. When compared to coincident motion, the change in shear 
demand is observed to fluctuate between -27.3% to 10.3% for Santa Monica Bridge and -11.7% 
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to 5.4% for FHWA Bridge #4. Likewise, the change in shear capacity varied between -17.7% to 
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                           (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.33 Effect of vertical ground motion on the lateral displacement, Time Lag 
 
 







































































                           (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.34 Effect of vertical ground motion on the moment of superstructure, Time Lag        
 




















































                           (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.35 Effect of vertical ground motion on the moment of pier, Time Lag 
 
 
                          
  104
































































































                            (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.36 Ratio of contribution of VGM on axial force variation to dead load 

















































                            (a) Santa Monica Bridge                                                    (b) FHWA Bridge #4 
Figure 4.37 Effect of vertical ground motion on the shear demand of pier, Time Lag 








































































                                (a) Curvature ductility                                                  (b) Displacement ductility 
Figure 4.38 Effect of vertical ground motion on the shear capacity  
of Santa Monica Bridge pier, Time Lag 











































































                                (a) Curvature ductility                                                   (b) Displacement ductility 
Figure 4.39 Effect of vertical ground motion on the shear capacity  
of FHWA Bridge pier, Time Lag 
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4.6 Summary and Discussion 
The analytically-evaluated effect of vertical ground motion on RC bridges with different 
span length, variable span ratio, and various column heights was presented above. For the 
different span length cases, the ratio of vertical seismic force (EQ) to gravity load (DL) of pier is 
higher for shorter bridges because the fundamental vertical period of short bridges is close to the 
dominant periods of vertical ground motion. Shear capacity of the pier tends to decrease due to 
vertical ground motion. For variable span ratios, the contribution of vertical ground motion to 
axial force variation increases with the increase of span ratio because the fundamental vertical 
period decreases as span ratio increases. Hence, shear capacity due to vertical ground motion is 
reduced with the increase of span ratio. For the latter two cases, the effect of vertical ground 
motion on shear demand varies irregularly. In the case of variable column heights, the shear 
capacity for the shorter column is significantly reduced when the vertical ground motion is 
included, while the shear demand decreases as column height increases. 
The effect of vertical-horizontal motion interaction on inelastic periods of a reinforced 
concrete bridges is assessed, alongside the effect on axial force amplitude and direction. The 
effect of V/H ratio and time interval between horizontal and vertical components of ground 
motion is also presented. It is concluded that inelastic periods of horizontal vibration are 
significantly affected by including vertical ground motion for Santa Monica Bridge, while that of 
FHWA Bridge #4 increases marginally as V/H ratios increase. In contrast, the period of vertical 
vibration increases for both structures due to vertical ground motion. However, a clear 
correlation between period of vibration and time lag was not observed. As vertical amplitude 
increases, the lateral displacement increases or decreases for both bridges with ranges of -34% to 
24% for Santa Monica Bridge and -7% to 11% for FHWA Bridge #4. It was observed that this is 
mainly due to the increase of horizontal period of vibration when vertical ground motion is 
included and confirmed by using spectral displacement of records. Including vertical ground 
motion significantly affects the axial force variation of pier as V/H ratio increases. The moment 
of pier varies due to vertical ground motion; it tends to increase with the increase of V/H ratios. 
In some records, the moment demand of pier increases due to high axial force variation even if 
the lateral displacement is reduced. It is observed that axial force variation caused by vertical 
ground motion increases, leading to notable reduction of shear capacity. Including vertical 
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ground motion reduces considerably shear capacities of Santa Monica Bridge and FHWA Bridge 
#4, by up to 30% and 24%, respectively. 
Analytical investigation of the effect of the arrival time of large vertical and horizontal 
motion is studied. It is concluded that for the structures considered and the motion set used, the 
arrival time has minimal effect on the periods of response, axial force variation, moment, and 
shear demand. However, the arrival time interval has a rather important effect on the shear 
capacity where changes of -18% to 23% for Santa Monica Bridge and -7% to 22% compared 
against the response with coincident horizontal and vertical peaks were observed. 
The overall outcome of the analytical investigation discussed above is that in the vicinity 
of active faults, where V/H is likely to be high and the arrival time interval is likely to be zero or 




OVERVIEW AND VERIFICATION OF  
PSEUDO DYNAMIC TEST  
5.1 Introduction 
Experimental testing is an essential and powerful investigation tool to understand the 
behavior of structures under extreme events, such as earthquakes. Although developments in 
analytical capabilities have outpaced the advances in testing, due to the faster turnover in 
analysis and the relatively low costs involved, underpinned by the leaps in computer technology, 
there are modelling problems that continue to be unsolved, such as shear deformation and failure 
of RC structures. Indeed, constitutive relationships and numerical models in the analytical tools 
have been developed and evaluated on the basis of the results of experimental testing. Therefore, 
physical testing is still required to improve the knowledge of the structural response and mitigate 
natural hazards. Recently, sub-structured pseudo-dynamic (SPSD) testing, which combines 
numerical analysis with physical experimentation, has evolved as a powerful alternative to 
testing-only and analysis-only investigations. In this chapter, the advantages and limitations of 
SPSD testing employed in this study are briefly discussed. The Multi-Axial Full-Scale Sub-
Structured Testing and Simulation facility (MUST-SIM) at the University of Illinois at Urbana-
Champaign is also introduced. Verification of the methodology is then shown through a 
simulation of large-scale reinforced concrete physical bridge piers, in conjunction with computer 
models of the bridge deck and underlying soil. 
5.2 Overview of Pseudo Dynamic Test 
5.2.1 Hybrid Simulation Methodology 
There are several approaches commonly used for experimental testing in earthquake 
engineering. Shake table testing of the entire structural system (i.e. structure, foundation, and 
surrounding soil) would be the most realistic of the experimental methods. Unfortunately, 
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limitations in shake table capacity often prevent full scale testing of structural systems. To 
understand the system behavior of structures under earthquake load including vertical ground 
motion, a large scale testing facility with 3-Dimensional control is required. Although large scale 
shaking tables like E-Defense in Japan exist, testing of civil structures such as bridges is still 
challenging. To overcome the capacity obstacle, scaled structures or components are often tested 
thus introducing size effects and difficulties with dynamic similitude.  
On the other end of the experimental spectrum are monotonic or cyclic component tests. 
In the former, the structure is subjected to a monotonically increasing load while in the latter the 
loading is repeatedly cycled in a predefined pattern. Generally, monotonic testing is viewed as 
being of limited application for seismic assessment since the strength degradation is not 
captured. On the contrary, cyclic loading is often viewed as over-conservative due to the large 
number of cycles at several ductility levels of the applied loading.  However, structural systems 
are designed to be inelastic under large seismic events and are thus path-dependent. It is difficult 
to define input motion histories induced by ground motion, such as varying axial load due to 
vertical ground motion, in static tests. Moreover, since this type of test cannot take into account 
the ever-changing interaction of component with structure, it is not useful in understanding how 
the entire structure behaves under dynamic loading.  
In another experimental approach, Pseudo-Dynamic (PSD) testing, the loading applied to 
the structure is determined by numerical integration of the dynamic equations of motion. 
Therefore, PSD testing overcomes the load path issues associated with monotonic and cyclic 
testing. The concept of PSD testing was developed in Japan (Hakuno et al., 1969; Takanashi et 
al., 1975) and has since been adopted in many experiments. In Europe, the first Pseudo-Dynamic 
test setup was developed and verified at Imperial College (Elnashai et. al., 1990) in collaboration 
with Japanese researchers. Considerable work and impressive developments were undertaken by 
the Earthquake Engineering Research Center, the University of California at Berkeley (Mahin 
and Shing, 1985), and at the Japan Building Research Institute (Nakashima et al., 1987). 
Recently, a full-scale, three-dimensional, irregular, RC frame was tested pseudo-dynamically in 
Ispra, Italy (Negro et al., 2004; Jeong and Elnashai, 2005b). However, PSD testing is still an 
inefficient approach in that all of the structural system, even those portions which are well 
understood, must be constructed within a single laboratory. Generally, test structures such as 
bridges pose challenges in model size and number of DOF to be controlled and may exceed the 
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experimental capabilities in the laboratory. Since severe inelastic deformations are concentrated 
in members and damage is inherently a local feature, it is uneconomical and unnecessary to test 
the entire structure.  
More recently, PSD testing has been combined with the concept of substructuring in 
which the structural system is partitioned into several modules (Dermitzakis and Mahin, 1985). 
This sub-structured pseudo-dynamic (SPSD) test allows the well-behaved regions to be singled 
out and analyzed computationally, while regions of particular interest or complexity are treated 
experimentally. This combination of the numerical and experimental modules is what has also 
known as hybrid simulation. The hybrid simulation can be extended to distributed SPSD test in 
which the partitioned modules are distributed to different research facilities (Watanabe et al., 
2001; Spencer et al. 2004; Stojadinovic et al., 2006; Mosqueda et al., 2008). However, 
drawbacks of SPSD testing also exist. Since the test is conducted slowly, strain-rate insensitivity 
is a pre-requisite for the acceptance of the obtained results. Therefore, velocity-dependent 
devices cannot be studied using slow-rate SPSD testing. In this study, the varying axial load 
effects induced by vertical ground motion are the critical issue under investigation. Therefore, 
SPSD testing is employed in this study. 
As described above, SPSD testing (or hybrid simulation) provides an exceptionally 
attractive option for assessment of complex interacting systems, combining physical testing with 
numerical simulation. Through the interaction of the physical and analytical substructures during 
the simulation, the response of the entire structure can be obtained. As shown in Figure 5.1, the 
mass and damping of the structure are modeled numerically and the response of the structure by 
external force (e.g., earthquake) is calculated numerically using time step-integration of the 
equation of motion. The calculated displacements are then applied to the test specimen and 
analytical model. The restoring forces from each module are measured and fed back into the 
computer to calculate the next displacements (Kwon et al., 2005). Implicit time step integration 
schemes have been used for PSD test. Two of the common methods are: an iterative implicit 
method, involving sub-cycling at each time step in order to achieve equilibrium (Shing and 
Manivannan, 1990; Shing et al., 1991), and  a non-iterative, linearly implicit and non-linearly 
explicit, operator splitting (OS) method (Nakashima et al., 1987). In this study, the OS method in 
conjunction with α-modified Newmark scheme ( α -OS method) which tends to damp 




















Figure 5.1 PSD simulation overview 
 
5.2.2 Integration Scheme for PSD test 
The basic assumption of PSD test method is that the dynamic response of the structure 
can be represented by a discrete-parameter model which has only a finite number of DOF. 
Therefore, the equation of motion of the idealized multi-DOF model can be expressed in terms of 
the second-order partial differential equation shown below.  
)(  )(  )()( tttt frCvMa =++  (5.1) 
 
where M and C are mass and stiffness matrices, a(t) and v(t) are the acceleration and 
velocity vectors, r(t) is a restoring force vector, and f(t) is an external force vector applied to the 
structure. This equation of motion can be reformulated using α - method (Hilber et al, 1977) as 
follows; 
1 1 1 1(1 ) (1 ) (1 )n n n n n n nα α α α α+ + + ++ + − + + − = + −Ma Cv Cv r r f f  (5.2) 
where, α ( 1 / 3 0α− ≤ ≤ ) allows the tuning of the numerical damping and is used to 
determine the two Newmark parameters: 
2(1 ) / 4β α= −  (5.3) 
(1 2 ) / 2γ α= −  (5.4) 
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The displacement and velocity vectors at 1n nt t t+ = + Δ  can be calculated by generalization 
of the linear acceleration method with two Newmark integration parameters, γ and β  as 
following: 
( )2 21 11 2 ( )2n n n n n
tt tβ β+ +Δ= + Δ + − + Δd d v a a  (5.5) 
1 1(1 )n n n nt tγ γ+ += + Δ − + Δ ⋅v v a a  (5.6) 
Since this is implicit method which 1dn+  depends on 1an+ , an iterative procedure is 
required when the relationship between restoring force and displacement becomes nonlinear. 
However, iterative procedure on test with physical specimen can produce the spurious 
overloading or unloading. Therefore, by employing an operating splitting method (Nakashima, 
1987), the method without iterating can be implemented. In this method, the elastic part of the 
response remains implicitly without any iteration, while the nonlinear part of response is solved 
explicitly. Eq. (5.5) and (5.6) can be split into two terms in α -OS method: predictor and 
corrector shown below. 
• Predictor 
( ) nnnn tt avdd β212
~ 2
1 −Δ+Δ+=+  








+++ Δ+= nnn t add β  
111
~
+++ Δ+= nnn t avv γ  
(5.8) 
The predictor terms shown in Eq. (5.7) consist of known terms at time tn. Thus, the 
calculated predicted displacement is applied to the structure to obtain the associated restoring 
force 1n+r% . In order to achieve non-iterative procedure, the OS method uses the following 
approximation of the restoring force 1n+r . 
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( )I1 1 1 1n n n n+ + + += − −r r K d d%%  (5.9) 
where, IK  is initial stiffness of the structure. Using eq (5.9), 1dn+  and 1n+v  of Eq (5.7) 
and (5.8) can be introduced into equation of motion, Eq (5.2) to obtain 1an+ .  
1 1
ˆˆ
n n+ +=Ma f  (5.10) 
( ) ( ) I2 11ˆ KCMM αβαγ +Δ++Δ+= tt  (5.11) 
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In the physical experiment, the measured displacements, 1d
m
n+%  and forces, 1rmn+%  can be 
obtained by applying predicted displacements to the structure. However, due to the nature of 
hydraulic loading and data acquisition systems, the measured displacement is not always equal to 
the desired displacement. Thus, in order to reduce the impact of the displacement error, the 
restoring force 1n+r%  for calculation of 1ˆn+f in Eq (5.12) is not the measured force, 1rmn+%  but the 
corrected force by so-called I-modification (Nakashima, 1987) given by: 
( )I1 1 1 1m mn n n n+ + + += − −r r K d d% %% %  (5.13) 
It should be noted that the initial stiffness, IK  should be obtained prior to simulation 
because it is used to correct the restoring force and to establish equivalent mass, Mˆ . Figure 5.2 
illustrates the implementation of the above procedure for the α -OS method. 
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Figure 5.2 Flow chart of α-OS method for the PSD test 
5.3 The MUST-SIM Facility 
The Multi-Axial Full-Scale Sub-Structured Testing and Simulation facility (MUST-SIM) 
at the University of Illinois at Urbana-Champaign was used for the experimental investigation in 
this study. MUST-SIM is one of the fifteen in the George E. Brown Jr. Network for Earthquake 
Engineering Simulation (NEES) that is funded by National Science Foundation (NSF) and 
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Figure 5.3 SPSD testing with MUST-SIM facilities 
 
Figure 5.3 illustrates the schematic view of the MUST-SIM facility. One of the unique 
features of the MUST-SIM facility is the loading capability provided by the Load and Boundary 
Condition Box (LBCB). Three LBCBs can enable complex testing configurations using 
substructure scheme or multiple loading points on test specimen. The MUST-SIM facility also 
provides non-contact measurement systems, data acquisition system, high visualization 
capabilities, and state-of-art control software. Particularly, control software including LBCB 
Operation Manager, UI-SIMCOR, and LBCB Plugin which are required for PSD testing were 
developed at MUST-SIM site. Following the detailed description of the reaction wall, LBCB, 
control software and non-contact measurement system are provided.   
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5.3.1 Load and Boundary Condition Box and Reaction Wall 
 One of the two central components of the UIUC NEES experimental site is the large 
reaction wall used for anchoring test specimens and loading devices. This L-shaped post-
tensioned concrete strong wall of 15.2 × 9.1 × 8.5 × 1.5 m (length × width × height × thickness, 
respectively) enables testing of full scale sub-structures as shown in Figure 5.4 (a). Through use 
of the three Load Boundary Condition Boxes (LBCBs; the second central component of the 
facility) shown in Figure 5.4 (b), researchers can displace a test specimen in 6 DOF, easily 
applying combinations of shear, axial force, and moment.  
 
     
                         (a) Large scale reaction wall                                                            (b) LBCB 
 
 
(c) Test setup with reaction wall and LBCBs 
Figure 5.4 Reaction wall and LBCB in the MUST-SIM facilities 
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The size of the LBCB which is a servo-hydraulic controlled system is 4.0 m x 2.3 m x 2.0 
m, and the weight is approximately 35 tons. Each LBCB is a self-reacting assembly of actuators 
and swivel joints, with control software capable of imposing any combination of six actions 
(forces and moments) and six deformations (displacements and rotations) to test specimens 
connected to its loading platform. Each actuator is equipped with a servo-valve, a displacement 
transducer and a load cell for control and measurement. The specification of each LBCB is 
shown in Table 5.1. The LBCBs are capable of imposing motions on the test structures from the 
results of concurrently-running numerical models of the surrounding structure-foundation-soil 
system employing pseudo-dynamic and sub- structuring testing methods. 
Table 5.1 Nominal displacement and load capacity at Cartesian coordinate of LBCB 
Type Axis Capacity Type Axis Capacity 
X ± 254.0 X ± 16.0 
Y ± 127.0 Y ± 11.8 Displacement (mm) Z ± 127.0 
Rotation 
(degree) Z ± 16.0 
X +1915/-2634 X ± 1230 




Z ± 1169 
* Note that the capacity of each actuator is 1009 kN in tension (+) and 1387 kN in compression (-) with 20.68 
MPa (3 ksi) hydraulic pressure.  
 
Additionally, the MUST-SIM facility has a fully functional small scale laboratory 
including a 1/5th scale reaction wall alongside four 1/5th scale LBCBs, as shown in Figure 5.5. 
The 1/5th scale laboratory allows users with diverse research backgrounds to have full access to 
the MUST-SIM facility and to understand the associated capabilities and limitations. Also, the 
laboratory will provide pre-test verifications before using the large scale facility. 
 
              
Figure 5.5 1/5th scaled reaction wall and LBCB in the MUST-SIM facilities 
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5.3.2 UI-SIMCOR 
Recognizing the need for a central control system for multi-site testing, the University of 
Illinois simulation coordinator, UI-SIMCOR, was developed for multi-site SPSD testing and 
simulation (Kwon et al., 2005). During the development of this coordination system, the 
following key components were sought: 
 
• Integration scheme for PSD tests.                                                                                                                   
• Communication amongst sub-structured components.                                                                                   
• Sub-structuring (sub-division) of the complex system.   
 
One of the notable advantages of UI-SIMCOR is the static treatment and loading of all 
sub-structured components. The dynamic components of structural tests are contributed by UI-
SIMCOR through a PSD algorithm. Specifically, theα -Operator Splitting method explained in 
section 5.2.2 is currently used as the integration scheme. Indeed, this framework is independent 
of the integration scheme. Therefore, any feasible scheme may be appended to the developed 
software as long as displacements are imposed and measured quantities are used for the next 
step. Another significant advantage of the simulation coordinator is the ease with which it allows 
integrated response to be determined from numerous separate subdivisions of the overall system.  
Geographically distant distributed sub-structured components can be integrated and tested as a 
fully interacting system, allowing multiple laboratories to be used for large and complex tests. 
Figure 5.6 illustrates the Graphic User Interface of UI-SIMCOR. 
 
 
Figure 5.6 GUI of UI-SIMCOR 
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5.3.3 LBCB Operation Manager 
The LBCB operation manager was developed as the main control software for the 
LBCBs (Nakata, 2007). The LBCB operation manager incorporates various control loops 
including auto-balance feedback, digital integrator technique, and mixed load and displacement 
feedbacks. When the application is launched, it starts with the auto-balance process so that the 
system ensures a safe-start. Once the auto-balancing is achieved, it can be switched to the 
command feedback that provides several control capabilities, such as manual actuator control, 
manual Cartesian control, function generator, step-wise ramp generator, etc. The LBCB 
operation manager also provides data acquisition, monitoring, and archiving functions. 
 
 
Figure 5.7 LBCB Operation Manager 
 
5.3.4 LBCB Plugin 
The LBCB Plugin was originally developed as an interface between UI-SIMCOR and 
LBCB Operation Manager (LBCB OM) to consider elastic deformation of LBCB and mixed-
mode control. The original version has been updated to take into account the requirements of 
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experiment presented in this study. Figure 5.8 illustrates the GUI of LBCB plugin taken during 
experimental study. The main features of LBCB plugin are:  
• The ability to select any combination of displacement and force commands for mixed-
mode control 
• Triggering auxiliary hardware (DAQ and Camera) connected through network 
• Providing improved data saving  
• Monitoring error between command and measurement 
• Step reduction when the commanded force is larger than specified criteria 
• Transformation of external measurements considering 5 string pots for 4-DOF system.   
• Iteration on LBCB command to achieve desired model displacement (i.e., correction for 
elastic deformations of loading device). 
 
 
Figure 5.8 LBCB Plugin 
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5.3.5 Krypton Dynamic Measurement Machine (DMM) 
The Krypton DMM is a high-performance mobile coordinate measurement system that 
provides high accuracy and a large measurement volume (Krypton Industrial Metrology, 2002). 
It consists of a camera system with three linear charge-coupled devices (CCDs), light emitting 
diodes (LEDs), a computer, and associated software. Figure 5.9 shows the hardware components 
of the Krypton system. The Krypton system at UIUC is capable of measuring the location of up 
to 256 LEDs in three-dimensional space with an accuracy of ±0.02 mm. The DMM software 
allows the user to define meaningful local coordinates as well as to measure rigid body motion of 
the target specified by multiple LEDs.  
 
 






5.4 Multi-Site Soil-Structure Foundation Interaction Test 
In order to provide a realistic test-bed application by which to verify and extend all 
components of NEESgrid, the NEES cyber-infrastructure, as well as all components of the 
MUST-SIM facility intended for use for testing piers under multi-axial excitation, the Multi-Site 
Soil-Structure-Foundation Interaction Test (MISST) was performed on May 16 and 17, 2006. 
This pre-NEESR project was conducted by collaborating partners at the University of Illinois at 
Urbana-Champaign (UIUC), Lehigh University (Lehigh), and Rensselaer Polytechnic Institute 
(RPI). MISST was established to extend and build upon the Multi-Site Online Simulation Test 
(MOST) of 2003 (Spencer et al., 2004). MOST was the first geographically distributed 
experimental simulation to make use of NEESgrid and combined a numerical model run at the 
National Center for Supercomputing Applications (NCSA) with experimental tests being 
conducted at UIUC and the University of Colorado at Boulder. Similarly, the MISST experiment 
described herein applied this distributed hybrid approach to simulate the response of a realistic 
and complex bridge structure which was partitioned into five separate modules distributed at 
three of the NEES equipment sites: namely, UIUC, Lehigh, and RPI.  
 
5.4.1 Prototype and Structural Idealization 
The prototype structure for the investigation was selected as Collector-Distributor 36 of 
the Santa Monica (I10) Freeway which was damaged in the Northridge earthquake of 17 January 
1994. This structure is employed to investigate the effect of vertical ground motion in Chapter 4. 
The bridge details are described in section 4.2.1. As described in Chapter 4, the piers 
experienced varying levels of damage including shear failure occurred in the lower half of the 
pier. In addition to the geometric configuration, this complex failure renders the structure ideal 
for showcasing the benefits of a distributed hybrid approach. 
To utilize the participating NEES experimental facilities and for simplification, a three 
pier idealization of the original structure was employed in the simulations as shown in Figure 
5.10. Also shown in Figure 5.10 are the initial loads (self-weight) as determined from deck 
properties and applied to the top of piers. Lumped masses were placed on the deck as it was 
desired to test the piers under static conditions with the dynamic response being determined from 
an analytical model of the deck. Using the Rayleigh formulation, 2% damping was applied to the 
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first and second modes of the structure whose elastic periods were analytically estimated be 
0.371 and 0.077 sec, respectively. Further design details, as well as the adapted soil spring 
model, are discussed in subsequent sections. 
 
27.215 m 23.700 m 32.260 m 30.795 m
6.085 m 6.575 m 6.085 m124.8 kN/(m/sec2)
233.6 kN/(m/sec2) 256.7 kN/(m/sec2) 289.2 kN/(m/sec2)
141.3 kN/(m/sec2)
2288.8 kN 2515.6 kN 2834.6 kN
 
Figure 5.10 Structural idealization 
 
UIUC- Deck, Pier2, and Soil 2
Computational Module
UIUC – Pier 1
Experiment
RPI – Soil 1
Computational Module
NEESgrid
Lehigh – Pier 3
Experiment





Figure 5.11 Allocation of modules and communication amongst sites 
 
5.4.2 Simulation Methodology  
As previously mentioned, a distributed hybrid methodology was employed to investigate 
the response of the bridge structure under seismic loading and the MISST structure was 
partitioned into five distinct modules at 3 geographically separate NEES equipments sites. The 
allocation of the modules and communication amongst the sites is illustrated in Figure 5.11. All 
communication and interaction was conducted via NEESgrid and UI-SIMCOR, simulation 
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coordinator software developed at UIUC. Provided herein is a description of the coordination 
software and modules.   
 
5.4.2.1 Experimental Modules 
Two of the 5 substructured components were experimentally tested.  These components, 
Pier 1 and Pier 3 (Figure 5.11), were selected for experimental loading as their behavior was 
deemed critical to the response of the structure. Moreover, their highly complex shear sensitive 
behavior is difficult to analytically model and was a research focus of the investigation.  To 
satisfy capacity limitations of laboratories, half scale models of Piers 1 and 3 were respectively 
constructed and tested at UIUC and Lehigh. Reinforcement was selected to match, to the extent 
possible, the prototype’s reinforcement ratios. The final longitudinal ratio was 3.11% while 
0.176% was provided transversely. The cross section of the prototype is contrasted with that of 
the model in Figure 5.12. Design material properties were 34.5 MPa for the 28 day concrete 
compressive strength and 414 MPa for the reinforcement yield strength. At UIUC, as-built 
material properties were found to be 47.4 MPa for the 28 day concrete compressive strength and 
544.7 MPa for the reinforcement yield strength of reinforcement.  At Lehigh, the 28 day concrete 










#4 Stirrups @ 406.4 mm o.c.
24-#11 for outer bars








#3 Stirrups @ 304.8 mm o.c.
24-#6 for outer bars
  8-#6 for inner bars
15°
 
(a) Prototype                                                  (b) ½ scale model 
Figure 5.12 Pier reinforcement details 
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The MUST-SIM facility was employed to experimentally assess the behavior of Pier 1. A 
single LBCB was utilized to control the top node of the pier while the base was fixed to the 
laboratory strong floor (Figure 5.13a). The LBCB permits the control of the lateral displacement, 
vertical displacement, and rotation needed for the planar problem under investigation. At Lehigh, 
the Real Time Multi Directional (RTMD) Test Facility in ATLSS Center was employed to 
experimentally assess the behavior of Pier 3. 2 horizontal actuators where utilized to control the 
rotation and lateral displacement of top cap of the pier while the axial load was applied though 
vertically tensioned rods (Figure 5.13b). 
As described above, the loading was applied to the top of the pier and the bottom of pier 
was fixed for both sites. However, UI-SIMCOR produces target displacements at top and bottom 
of pier considering displacement compatibility with soil model. Therefore, to take into account 
the interaction with soil, the relative displacement which is subtracted from top to bottom 
displacements was applied to top of pier and the return measured displacements considering 
measured displacement at top of pier and soil were calculated per each step. 
 
  
(a) UIUC (b) Lehigh 
Figure 5.13 Experimental setup 
5.4.2.2 Analytical Modules 
The Mid-America Earthquake Center program Zeus-NL (Elnashai et al., 2004) was 
utilized for all of the three computational modules. The bridge deck in the prototype structure is 
a prismatic multi-celled RC box girder. This bridge deck was simplified as equivalent 
rectangular section in Zeus-NL. The material and section properties in the prototype structure 
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were employed for the middle pier. To account for soil-structure interaction, equivalent base 
spring elements were used to simulate the flexibility of the foundation-soil system. For the 
calculation of equivalent soil stiffness, the shear wave velocity, Poisson ratio, and shear modulus 
were assumed to be 250m/sec, 0.40, and 11.5 MPa respectively. For simplification, only the 
longitudinal direction was considered with an equivalent soil stiffness of 2035 kN/m.   
5.4.3 Distributed Hybrid Simulation Procedure and Results 
Building upon the preliminary verification studies, a total of 3 hybrid simulations were 
performed utilizing the methods and sub-structure scheme described above. The first, a small 
amplitude test, was used to verify the functionality of all components while the latter tests were 
intended to replicate the observed damage in the prototype structure. Amongst the 3 simulations, 
2 strong motion records captured during the Northridge earthquake of 1994 were employed as 
shown in Figure 5.14. The first record was strong motion data collected at the Santa Monica City 
Hall with a peak ground acceleration (PGA) of 0.37g. The second more demanding record was 
collected at the Newhall Fire Station and had a PGA of 0.58g. In both cases, the acceleration was 








































(b) Newhall Fire station 
Figure 5.14 Utilized Northridge records 
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5.4.3.1 Small Amplitude Simulation 
To ensure that proper communication and interaction was occurring amongst the sites, a 
small amplitude simulation was first performed. This test utilized the Santa Monica record which 
had been scaled to ¼ of its original PGA or 0.093g. Thus, the experimental specimens at both 
UIUC and Lehigh remained near or within the linear range of behavior. The time step utilized in 
the integration scheme was 0.005 sec and a total 928 steps (4.64 sec) were performed. As shown 
in Figure 5.15, commanded target displacement closely coincided with measured response at 
both the UIUC and Lehigh sites. Thus, it was assured that proper communication and load 
application was occurring at the geographically distributed sites.  Table 5.2 shows the maximum 
responses for Piers 1 and 3.  
 
 

























(a) UIUC (Pier 1) 
























(b) Lehigh (Pier 3) 


















UIUC (Pier 1) 2.62 1.42 0.000077 65.2 619.9 144.3 
Lehigh (Pier 3) 2.64 0.43 0.000315 55.4 708.6 91.3 
 
5.4.3.2 Large Amplitude Simulation with Santa Monica Record 
The Santa Monica record was selected for use in the first large amplitude test. The record 
was amplified with a scale factor of 1.5, thus producing a PGA of 0.55g. A 0.005 sec integration 
time step was utilized and a total of 2354 steps (11.77 sec) were performed. Following the 
simulation, minor flexural cracks were observed near the base of both experimental piers.  
Additionally, minor shear cracks had developed near the mid-height of pier 1 at UIUC. Figure 
5.16 illustrates the recorded lateral force-displacement response of both experimental piers. As 
detailed in Table 5.3, the maximum lateral displacement for both piers was approximately 24.5 
mm and the corresponding maximum lateral forces were 349 and 452 kN for UIUC and Lehigh, 
respectively.   
 








































(a) UIUC (Pier 1) (b) Lehigh (Pier 3) 
Figure 5.16 Lateral force-displacement relationship (Santa Monica record) 














UIUC (Pier 1) 24.43 2.11 0.000249 349.0 860.0 404.7 
Lehigh (Pier 3) 24.61 0.43 0.000278 452.4 722.7 521.4 
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5.4.3.3 Culminating Simulation with Newhall Fire Station Record 
As significant damage was not observed during the previous simulation with the Santa 
Monica record, a more demanding strong-motion record (Newhall Fire) was selected for a 
collapse test. This record which has a PGA of 0.58g was more demanding for the idealized 
structural configuration utilized during the simulation.  A time step of 0.005 sec was utilized and 
pier failure was achieved at 5.695 sec therefore ending the simulation   
Table 5.4 and Figure 5.17 illustrate the lateral displacement history and highlights 
significant events which occurred during this final simulation. The UIUC pier experienced 
significant shear cracking near 3.28 sec (step 656) corresponding to 31.04 mm displacement and 
495.8 kN force. The simulation continued and the first shear failure was observed in the UIUC 
pier at 4.35 sec (step 870).  This was marked by the brittle formation of a large diagonal opening 
near the mid-height of Pier 1. Continuing onward, significant cracks began to develop on the 
Lehigh pier and was shortly followed (step 877) by a similar shear failure of Pier 3. As shown in 
Table 5.4, shear failure occurred at 552.4 kN and 40.77 mm at UIUC while at Lehigh failure 
occurred at 557.6 kN and 54.41 mm.  Despite the brittle nature of the two shear failures and the 
associated loss of stiffness, the simulation remained stable and was continued. At 5.685 sec (step 
1137) a final secondary failure was observed at UIUC. This mixed axial-shear failure was 
marked by a dramatic widening of the crack on Pier 1. The simulation continued for two 
additional steps, however, and was halted at 5.695 sec (step 1139) owing to the drastic loss of 
axial stiffness which had accompanied the secondary failure of the Pier 1.  Due to this loss of 
stiffness, the algorithm correctly began to command large axial displacements which were 
considered to be unsafe in the laboratory environment. Table 5.5 summarizes the maximum 
response measured from both sites and Figure 5.18 provides the lateral force-displacement 
response of both piers. Inspection of the hysteretic response shown in Figure 5.18 and of the 
lateral displacement history shown in Figure 5.17 clearly demonstrates the interaction amongst 
the geographically distributed modules and sites. Following the initial shear failure at UIUC and 
its associated change in stiffness, redistribution of forces within the structure drove the second 
shear failure at the Lehigh site. Thus, it is demonstrated that full interaction amongst the 
geographically distributed modules was occurring. Figure 5.19 illustrates final failure modes 
observed from both sites. 
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Table 5.4 Significant events for Piers 1 and 3 
Significant shear cracking Shear failure Secondary failure 
 
UIUC Lehigh UIUC Lehigh UIUC 
Time (sec) 3.28 4.385 4.35 4.415 5.685 
Displ. X (mm) 31.04 49.33 40.77 54.41 62.69 
Force X (kN) 495.8 553.7 552.4 557.6 439.6 
 





















Figure 5.17 Lateral displacement history for Piers 1 and 3 
 














UIUC (Pier 1) 63.02 4.75 0.000608 552.4 1762.9 873.5 
Lehigh (Pier 3) 64.52 0.46 0.000597 557.6 756.4 669.0 
 










































(a) UIUC (Pier 1) (b) Lehigh (Pier 3) 




(a) UIUC (Pier 1) (b) Lehigh (Pier 3) 
Figure 5.19 Final failure modes 
 
5.5 Summary and Discussion 
The sub-structured pseudo-dynamic (SPSD) test is briefly discussed in this Chapter. The 
MUST-SIM facility employed in this study is also introduced. As a verification of the 
methodology, software and hardware, a complex five-component bridge-foundation-soil system 
was investigated using distributed SPSD testing. Use was made of three NEES sites. The 
coordination and communication of the three sites, UIUC, Lehigh, and RPI, for the five 
component hybrid and geographically distributed NEES simulation worked without incident. 
Despite the brittle nature of the test piers, the simulation was able to continue on well past the 
initial shear failures observed at both the UIUC and Lehigh sites. Furthermore, the redistribution 
of actions between the two sites with the bridge piers as either of the two suffered partial failure 
shows that full interaction was taking place between the geographically distant sites. Thus, the 
simulation system which includes all NEES Information Technology components, UI-SIMCOR, 
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the analytical modules, and all experimental equipment and components at UIUC, Lehigh, and 
RPI proved to be effective and robust. Moreover, the failure modes obtained are similar to those 
in the prototype observed following the 1994 Northridge earthquake (see Figure 4.3 and Figure 
5.19). Thus, the observed field behavior of the complicated bridge-soil-foundation system was 
successfully reproduced and it also clearly demonstrates how MUST-SIM facility can be applied 
to address problems which have not been feasible before. The facility is therefore suitable for the 







Laboratory testing requires idealization of the structure with appropriate assumptions for 
the physical specimen in order to investigate the problems of interest with realistic loading and 
boundary conditions as close to the real situation as possible. As explained in Chapter 5, the sub-
structured pseudo-dynamic (SPSD) test was employed for the experimental investigation in this 
study. Therefore, the whole structure should be appropriately subdivided into experimental and 
analytical modules. Reasonable material and sectional properties as well as the representative 
boundary conditions are critical components for accurate assessment of structural performance. 
This chapter provides the structural idealization of the selected prototype structure. Details of the 
properties of test specimens, construction process, control issues and test setup are also 
described.   
6.2 Prototype Structures and Simulation Methodology 
The prototype structure for the experimental investigation is the design example No. 4 
prepared by the Federal Highway Administration (FHWA, 1996) which is employed in the 
analytical investigation in Chapter 4. The detailed description of FHWA Bridge #4 including 
plan view, elevation, and pier details is provided in Section 4.2.2. The primary objective of this 
study is to understand the effect of vertical ground motion on the structure. One of the important 
observations from the analytical investigations in Chapter 4 is that including vertical ground 
motion significantly increases the variation of axial load, resulting in the reduction of shear 
capacity of the member. However, as explained in Section 4.3, strictly following the prototype 
design would make it difficult to isolate the influence of vertical motion on the shear behavior. 
Additionally, material properties uncertainties and overstrengths need to be considered. 
Therefore, it was decided to replace the pinned connection at the base of the prototype structure 
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with a fixed connection, therefore counteracting the overstrength in shear capacity with an 
increase in shear demand. Moreover, the effect of skewness on structural behavior is beyond the 






Figure 6.1 Substructure and experimental module 
 
As illustrated in Figure 6.1, the bridge structure was subdivided into two modules 
comprising analytical and experimental components. A single bridge pier was evaluated 
experimentally while the rest of structure was simulated analytically using the Mid-America 
Earthquake Center program Zeus-NL (Elnashai et al., 2004). Communication and interaction was 
handled through UI-SIMCOR (Kwon et al., 2005). To account for the shear deformation of the 
pier, a shear spring model approach (Lee and Elnashai, 2001) was adopted for the pier modeling.  
During hybrid simulation, the analytical modules can significantly impact the imposed demands 
placed upon the experimental specimen. Thus, accurate and reasonable behavior in the analytical 
modules must be ensured. Therefore, the analytical pier specimens were modeled using a shear 
spring model within Zeus-NL as described and verified in Section 4.3. 
6.3 Test Matrix 
Table 6.1 summarizes the test types and control methods used for the experimental 
investigation. To satisfy capacity limitations of the MUST-SIM facility, a half scale model of 
prototype pier was constructed and tested. Two SPSD tests were conducted in order to 
experimentally investigate the effect of vertical ground motion. The horizontal ground motion 
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was considered as an input for the first specimen (IPH). In contrast, the second specimen (IPV) 
was conducted with combined horizontal and vertical components of ground motion. Since it 
was observed from the second test that including vertical ground motion significantly increased 
axial force variation of columns and induced an axial tension force, two cyclic static tests with 
different axial load levels were performed to study the effect of axial load on the member. For 
these tests, the pier height was reduced to 2591 mm because actuator in LBCB reached its force 
limit during the second SPSD test. More details are discussed in the subsequent section. As 
described in Table 6.1, displacement control method for all DOFs in the SPSD tests was utilized, 
while mixed mode control method was used for the cyclic static tests. For the mixed mode 
control, lateral and rotation DOFs were controlled by displacement and the vertical DOF was 
controlled by force.  
Table 6.1 Inputs and control types of test specimens 









Horizontal and  









Cyclic lateral displacement with 
constant axial tension 
ICC 
  
Cyclic lateral displacement with 
constant axial compression 
Mixed Mode Control 
• lateral and rotational DOFs: 
displacement 
• Vertical DOF: force 
 
Table 6.2 Aspect ratios and expected axial load levels of test specimens 
Specimen ID Height (mm) Aspect Ratio* Axial Load, P (kN)** P/(f'c*Ag), % 
IPH 3048 2.5 -1348 ~ -613 -10.63 ~ -4.84 
IPV 3048 2.5 -2652 ~ 450 -20.92 ~ 3.55 
ICT 2590.8 2.125 222 1.75 
ICC 2590.8 2.125 -1112 -8.77 
* It is assumed to be double curvature due to rotation of top pier in SPSD test is very small 
** Axial force are based on the analytical prediction and compression is negative 
 
As shown in Table 6.2, the aspect ratio of specimen for SPSD and cyclic tests are 2.5 and 
2.125. The latter is therefore more shear-critical. The axial force ratio of the specimen shown in 
Table 6.2 was estimated analytically by using UI-SIMCOR and Zeus-NL. The analytical model 
included shear spring model to take into account the shear deformation. The axial load levels for 
the first and second SPSD tests were expected to be about -11% to 5% and -21% to 4%, 
respectively. Specifically, the second test which included the vertical ground motion was 
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expected to have tension axial load. Based upon the observation of axial force variation from the 
second SPSD test, cyclic tests were conducted under limiting tension and compression in 
individual tests. The axial load ratios of the third and fourth specimens were 1.75% (axial 
tension) and -8.77% (axial compression), respectively.  
6.4 Test Specimen Design 
6.4.1 Specimen Description 
A half scale model of the prototype pier was constructed and tested. As shown in Figure 
6.2, the diameter of the test specimen was 609.6 mm (24 in) with 16 #11 longitudinal bars and #3 
spirals. The spacing of spirals for the plastic hinge zone and outside plastic hinge zone was 63.6 
mm (2.5 in) and 108.6 mm (2.5 in), respectively. The longitudinal rebar ratio and the volumetric 








#3 Spiral @ 108.0 mm o.c. at middle
                     63.5 mm o.c. at top and bottom
23°
25.4 mm  Cover







#5 Spiral @ 88.9 mm o.c.
34-#11 (2 Bar Bundles)
21°
 
Figure 6.2 Pier section 
 
Table 6.3 Rebar ratios for the prototype and test specimen, % 
Spiral 
 Longitudinal  Rebar Plastic Hinge Zone Outside of  Plastic Hinge Zone 
Prototype 2.93 0.84 0.49* 
Test Specimen 2.79 0.84 0.50 





























































#4@3" cs. for the Bottom bar
#9@3" cs. for the bottom bar
#4@3" cs. for the top bar
Pipe with 2.5" dia
34 - #3 stirrup ties
36 - #3 stirrup ties
#3 Spiral @ 2.5" o.c.
#3 Spiral @ 4.25" o.c.
#9@3" cs. for the Top bar
 
                                                                    (a) IPH and IPV                                                                              (b) ICT and ICC 
Figure 6.3 Pier elevation, unit: in. 
136 
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As illustrated in Figure 6.3, the clear height of specimens IPH and IPV was 3048 mm 
(120 in), while that of specimens ICT and ICC was 2591 mm (102 in). Four specimens were 
simultaneously constructed with height of 3048 mm. The first two specimens were tested using 
the SPSD approach. During the SPSD test with specimen IPV, one of the vertical actuators of the 
LBCB reached its force limit. Therefore, to avoid such situation in the subsequent tests, it was 
decided to reduce the heights of specimens ICT and ICC. It was also intended to demonstrate the 
different failure mode due to different axial load levels. The stiff end cap beam at the top of the 
pier had length, depth, and width of 1524 mm (60 in), 1524 mm, and 914 mm (36 in), 
respectively, while that at the bottom of the pier had the dimensions 1829 mm (72 in), 1524 mm, 
and 914 mm, respectively. For the specimens ICT and ICC, the height of bottom cap beam 
increased by 457 mm (18 in) with appropriate reinforcement as shown in Figure 6.3 (b). These 
beams were designed conservatively to avoid significant deformation and development of cracks 
during the tests. 
 
6.4.2 Material Properties 
The desired concrete strength was 27.58 MPa (4000 psi) which was the design strength of 
the prototype structure. Several batch tests were conducted to achieve the desired strength and 
the best mix design was selected for the casting of pier. Notwithstanding, due to uncertainty of 
the nature of concrete material, the delivered concrete obtained strength 57.6 % greater than that 
of the prototype as shown in Table 6.4 and Figure 6.4. In the prototype structure, the yield 
strength of 413.69 MPa (60 ksi) was used for all rebars. For the test specimen, ASTM A706 was 
used for longitudinal bars, while ASTM A615 was used for spiral. Figure 6.5 shows coupon test 
results and indicates that the yield strength of longitudinal bar is close enough to that of 
prototype, while the strength of spiral increases by 25%. Table 6.4 summarizes the material 










Table 6.4 Material properties of the prototype and test specimen 
Reinforcement 
Longitudinal Spiral  
Concrete 
Compressive 
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Figure 6.4 Concrete cylinder test 
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(a) #8 A706, far view (b) #3 A615, far view 
(c) #8 A706, close view (d) #3 A615, close view 
 
Figure 6.5 Coupon test for rebar 
 
6.4.3 Construction of Test Specimens 
The construction process had three major phases: construction of the reinforcement 
cages, steel frame to support piers during casting, and casting of specimens. Since the 
experimental investigation included the vertical ground motion, the pier was expected to 
experience axial tension forces during simulation. Therefore, a new casting approach was 
developed to prevent the cold joint between pier and pier caps. As shown in Figure 6.6, the first 
pour included the 3048 mm tall pier and a short extension into both the bottom and top caps. The 
second pour then finished the bottom cap while the last pour completed the top cap. This 
approach was expected to produce a good cohesion amongst the individual segments while 
effectively moving the joint out of the critical region. Lateral forces can be transferred through 
the shear key created, while vertical loads can be transferred by both the longitudinal bars and 
dowel action from the reinforcement mats within the caps. The detailed construction photographs 





                          (a) 1st pour                                (b) 2nd pour                             (c) 3rd pour 
Figure 6.6 Schematic view of casting process 
 
 
Figure 6.7 Supporting system with steel frame 
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6.5 Control Considerations 
6.5.1 Elastic Deformations of LBCB 
As introduced in Chapter 5, the target displacements in the Cartesian coordinate set for 
the test specimen are converted to actuator strokes in the LBCB through the LBCB Operation 
Manager leading to movement in Cartesian coordinate of the LBCB platform. The LBCB plate 
movement is therefore achieved by controlling internal actuator displacements and actuators 
react against the LBCB reaction box which has a finite stiffness. Thus, the internal actuator 
displacements are influenced by both specimen and LBCB frame deformation. Figure 6.8 



















Figure 6.8 Idealized free body diagram for specimen with LBCB 
 
The internal measurement ( iu ) of LBCB platform and the external measurement ( eu ) at 
the top of specimen are given by: 
1 2 1,i eu u u u u= − =  (6.1) 
Where, 1u  is the measured displacement of specimen and 2u  is the movement of LBCB 
reaction box. If the stiffness of LBCB box frame is much larger than that of specimen 
( 2 1K K>> ), the movement of LBCB reaction box is negligible ( 2 0u ≈ ) and then, the 
measurement of LBCB platform is equal to the external measurement ( i eu u= ).  However, from 
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the preliminary test, it was found that the lateral, vertical, and rotational components of specimen 
stiffness were about 34%, 110%, and 211% of those of LBCB stiffness, respectively. It was also 
observed that the LBCB deformed elastically (hereafter referred to as elastic deformation). 
Therefore, the elastic deformation of the LBCB is inevitable unless the LBCB reaction frame is 
extremely reinforced. Hence, an external measurement and feedback system was developed to 































Figure 6.9 Schematic overview of elastic deformation control 
 
Figure 6.9 shows the schematic overview of control algorithm to compensate for the 
elastic deformations of the LBCB. This algorithm was implemented in the LBCB Plugin 
explained in Chapter 5. In the LBCB Plugin, comparing between internal measurements of the 
LBCB and measurements from external sensors, the associated errors are applied to the LBCB 
until the difference between target displacements and external measurements are within the 
tolerance specified by the user. To reduce the number of steps required in the iterations, the error 
from the last converged step is added to the next command.  
Figure 6.10 shows the external measurement system to compensate the elastic 
deformations of the LBCB. A 4-DOF (x, z, ry, rx) system was used in the pier tests. Elastic 
deformation system was rigidly attached to specimen and 5 high tension string pots with low 
friction connectors were used to minimize measurement errors which could be caused by 
vibration of wire and friction at connection between string pot and wire. As shown in Figure 
6.10, this measurement system monitored the exact movement between the two end pier caps. 
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Thus, in addition to the elastic deformation of the LBCB, the minor pier cap deflections and any 
slip components of the loading device (LBCB) could be removed. Geometric nonlinearities of 
measurement system were also completely handled in the transformation. One of the notable 





Figure 6.10 External measurement system for the control 
 
6.5.2 Motion Center Alignment 
As explained previously, the Cartesian target displacement is decomposed into each 
actuator command displacement of the LBCB and imposed to the test specimen. This geometric 
transformation uses coordinates of the actuator pin locations with respect to the point where the 
test specimen is controlled. This control point is called a motion center which is located at top 
end of pier in this study shown in Figure 6.11 (a). However, the displacement by the external 
measurement system explained in Section 6.5.1 is fed into control loop. The error between target 
command and external measurement is then calculated to be sent to the LBCB as the additional 
commands until the error is within a tolerance. Therefore, the coordinate system of external 
measurement should be aligned to that of specimen. It should be noted that the LBCB coordinate 
system, which can be changed during test due to the elastic deformation, does not need to be 
aligned to the coordinate system of either the external measurement system or the specimen. The 
reason is that the displacement commands are determined by the external measurement system as 
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explained in Section 6.5.1 . In this study, the Krypton system was used to establish the specimen 
coordinate system. As shown in Figure 6.11 (a), temporary supports were used to attach the 
external measurement system to the LBCB platform before the specimen was attached to the 
LBCB. The system was cycled through representative test movements to evaluate the alignment 
between the specimen, the external measurement system, and the LBCB. Since the specimen was 
not attached to the LBCB yet, there was no elastic deformation of the LBCB and thus, the LBCB 
was able to be considered as one of the reference systems for the coordinate alignment. Figure 

































































Figure 6.11 Motion center alignment 
 
6.5.3 Determination of Acceptable Measurement Errors 
In the PSD experiment, the measured displacements and forces can be obtained by 
applying the predicted displacements to the structure. The next target displacements are 
determined using the measured data at the current step. However, due to the nature of hydraulic 
loading and data acquisition systems, the measured displacement is not always equal to the 
desired displacement. Therefore, determining the acceptable error between target and measured 
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displacement is important to achieve the reliable test. Moreover, a vertical stiffness of RC 
column is usually very high, resulting in the large force error even with small displacement error. 
Indeed, the estimated stiffness of the test specimen in this study was about 4712 kN/mm (26906 
kip/in). Thus, the vertical displacement error of 0.0254 mm (0.001 in) can cause the axial force 
error of 120 kN (27 kips). 
The effect of measurement errors on the pier behavior was monitored through the 
analytical SPSD simulation with vertical ground motion. The SPSD simulation was performed 
using UI-SIMCOR and Zeus-NL. The structure was subdivided into two modules and one of the 
piers was modeled as a half-scale. Table 6.5 shows the selected records for this analysis. The 
vertical displacement was imposed on the half-scaled pier with measurement errors of +/- 0.005, 
+/- 0.003, +/- 0.002, +/- 0.001, and +/- 0.0005 in. 
 
Table 6.5 Selected records for the effect of measurement error on pier behavior 
PGA (g) Reference 
No. Earthquake Mw Station 
Horizontal 
Component Hor Vert 
V/H 
Ratio 
1 7.10 Kobe JMA EW 0.837 0.341 0.41 
2 
Kobe 
(17/01/1995)   NS 0.632  0.54 
3 7.00 Corralitos EW 0.47 0.434 0.92 
4   NS 0.64  0.68 





   NS 0.503  1.07 
7 6.70 Newhall fire sta EW 0.59 0.548 0.93 
8   NS 0.583  0.94 





   NS 0.604  0.89 
 
 
Figure 6.12 shows the response of the half scaled pier with various measurement errors 
under the combined horizontal (EW) and vertical component records of Corralitos station, Loma 
Prieta. The measurement errors of +0.005 and +0.003 in. cause the significant displacement 
errors during static loading stage (up to 70 steps) which is required for the force equilibrium with 
gravity load, resulting in unacceptable behavior during the dynamic loading stage. The 
significant axial tension is produced due to the large vertical displacement error at the initial 
loading stage. Therefore, those results are excluded for the refined analysis.  
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- 0.005 - 0.003 - 0.002 - 0.001 - 0.0005 0           
      +0.0005 +0.001 +0.002 +0.003 +0.005
 
Figure 6.12 Response with various measurement errors, record: Corralitos (EW+V) 
 
Table 6.6 Maximum response errors due to measurement errors 
Measurement Error (in)  
-0.005 -0.003 -0.002 -0.001 -0.0005 0.0005 0.001 0.002 
Max 1.73 1.22 0.86 0.44 0.22 0.24 0.48 0.99 
Min -2.06 -1.22 -0.84 -0.43 -0.22 -0.12 -0.33 -0.61 
Lateral 
Displ. 
(mm) Average -0.52 -0.30 -0.19 -0.10 -0.06 0.07 0.12 0.25 
Max -0.59 -0.34 -0.22 -0.11 -0.05 0.15 0.29 0.59 
Min -1.37 -0.83 -0.55 -0.28 -0.14 0.05 0.10 0.20 
Vertical 
Displ 
(mm) Average -0.89 -0.53 -0.36 -0.18 -0.09 0.10 0.20 0.40 
Max 45.64 29.05 20.13 10.26 5.60 -0.70 -1.72 -2.85 
Min 15.80 8.02 4.72 2.02 1.03 -4.48 -9.26 -18.52 
Lateral 
Force 
(kN) Average 29.78 18.54 12.61 6.51 3.49 -2.93 -5.81 -11.72 
Max -420.99 -255.59 -167.59 -80.70 -40.63 55.30 116.26 233.97 
Min -552.35 -349.50 -238.31 -118.63 -58.29 36.30 72.65 144.77 
Max. Axial 
Force 
(kN) Average -491.16 -292.61 -193.86 -94.43 -46.84 46.59 93.47 187.50 
Max -329.85 -168.12 -124.15 -22.21 -8.98 68.00 126.55 237.14 
Min -576.47 -384.57 -259.94 -125.40 -62.39 16.09 24.31 51.38 
Min. Axial 
Force 
(kN) Average -474.46 -280.72 -183.98 -83.77 -38.99 42.43 87.43 159.88 
Max 78.53 49.73 34.18 16.03 8.94 -2.04 -3.34 -5.86 
Min 35.46 17.58 10.36 4.33 2.16 -9.45 -16.68 -33.89 
Moment 
(kN,m) 
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                           (c) Maximum axial force                                                  (d) Axial force error 
Figure 6.13 Maximum response errors due to various measurement errors 
 
 Table 6.6 and Figure 6.13 show the maximum response errors and their average for all 
records. For the measurement errors of +/- 0.002 in. (0.05 mm), the mean errors of lateral force, 
axial force and moment are about 12 kN, 200 kN and 23 kN·m, respectively. The lateral force 
and moment errors are about 2.0% of the expected shear capacity (611 kN) and 16.5% of 
cracking moment (139.6 kN·m), where the shear capacity and moment are calculated with 
gravity axial load. The axial force error is 1.3% of axial capacity (14889 kN). In contrast, for the 
measurement errors of +/- 0.001 in (0.025 mm), the mean errors of lateral force, axial force and 
moment are about 6 kN, 94 kN, and 12 kN·m, respectively. Therefore, these errors are almost 
half of errors obtained from analysis with the measurement errors of +/- 0.002 in. Therefore, it is 
concluded that the acceptable measurement errors are +/- 0.001 in. and the errors should not 
exceed +/- 0.002 in.  
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Figure 6.14 shows errors between target and measured displacements during the stiffness 
test of test specimen. In order to take into account the elastic deformations of the LBCB, the 
external measurement system, explained in section 6.5.1, was used with high tension string pots: 
its resolution of accuracy is less than 0.001 in. (0.025mm). As indicated in Figure 6.14, the errors 
for the lateral and vertical displacements are within 0.0125 mm (0.0005 in.) and 0.0101 mm 
(0.0004 in.), respectively. The achieved measurement errors are therefore less than half of the 
acceptable error. The errors for the rotation are also within 0.0004 rad. which is negligible.  
 






























































































































Figure 6.14 Errors between target and measured displacements 
6.6 Instrumentation and Test Setup 
During each test, 91 channels of data were recorded through the traditional DAQ 
acquisition. 6 actuator displacements and 6 actuator forces, 6 Cartesian displacements and 6 
forces, and 5 external feedback displacements for the control were also collected. Using the 
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Krypton system, 25 LEDs for the SPSD tests and 69 LEDs for the cyclic tests were used to 
measure the global displacement. Figure 6.15 shows the overview of test setup for the test 
specimens and Figure 6.16 illustrates the location of external measurements and schematic view 
of test setup. 
 
 
              
                           (a) IPH and IPV                                                            (b) ICT and ICC 
Figure 6.15 Test setup 
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String pot for slip/uplift
String pot of Translation
String pot for slip/uplift













Rigid bar for external 
feedback sensor
Face of bottom, 
I03SCT and I04CSC
Steel plate for connection 
between LBCB and specimen
Strong Floor  
Figure 6.16 Schematic view of test setup 
As illustrated in Figure B.1 and Figure B.2 in Appendix B, 33 strain gauges for the 
longitudinal bars and 18 strain gauges for spirals were used. Numbering and arrangement of the 
strain gauges are detailed in Appendix B. The linear displacement potentiometers were installed 
on the column to measure the curvature. The location of linear displacement potentiometers were 
precisely determined by using the data from the Krypton. In order to measure the global 
translation, 10 string pots were installed along the height of pier. 6 LVDTs were used to measure 
slip and uplift between the pier and either the strong floor or the LBCB. More details for internal 




EXPERIMENTAL RESULTS AND OBSERVATIONS 
7.1 Introduction 
In order to investigate the effect of the vertical component of earthquake ground motion 
on the bridge piers within a bridge system, sub-structured pseudo-dynamic (SPSD) tests were 
conducted using the MUST-SIM facility. Details of the facility are given in Chapter 5. In 
addition, cyclic static tests with different axial load levels were also performed. In this chapter 
the experimental results, including description of the damage to the piers, are discussed. The test 
results are also compared with analytical predictions.  
7.2 Loading Scenario 
7.2.1 SPSD Tests with the Horizontal and Vertical Ground Motions 
The SPSD test used in this study comprised three stages;  
• Initial stiffness estimation 
• Static loading stage 
• Dynamic loading stage 
 
The α - Operator Splitting time integration (α-OS) method, which is the time integration 
scheme employed in UI-SIMCOR, requires the determination of initial stiffness prior to 
conducting the simulation. Therefore, for the experimental module, the initial stiffness matrix 
was formulated by imposing predefined displacement on the tested specimen using the LBCB. 
The analytical module stiffness matrix was evaluated with UI-SIMCOR sending predefined 
displacement values to DOF of interest in the analytical model (Zeus-NL) and receiving the 
restoring forces. The established initial stiffness was used in the static and the dynamic loading 
stages to correct the restoring force and establish equivalent mass, resulting in determination of 
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target displacements. During the initial test, control software, data acquisition systems, and the 
communication between each module were verified. All measurement devices and cameras were 
also checked for proper operation. During the static loading stage, displacements due to gravity 
loads were imposed prior to the dynamic loading phase. In this study, a total of 80 steps were 
used for the static loading stage. 
 
As mentioned in the Chapter 6, the first specimen (IPH) was experimentally tested under 
horizontal ground motion, while the second specimen (IPV) was tested under combined 
horizontal and vertical components of ground motion. The horizontal and vertical components of 
the Northridge earthquake record at Sylmar Converter Station were selected for these tests, as 
shown in Table 7.1. The PGAs of the horizontal and vertical components of the original record 
are 0.612g at 4.085 sec and 0.586g at 2.06 sec, respectively. To amplify the effect of vertical 
ground motion, the PGA of the vertical component was scaled up to 0.734g, hence the V/H ratio 
is 1.2, which is frequently observed in natural earthquake records. Figure 7.1 shows the plot of 
the selected record. For the dynamic loading stage, the time step utilized in the integration 
scheme was 0.005 sec and a total of 1600 steps (8 sec) were performed. To reduce the simulation 
time, the first 1.25 sec of the horizontal component, whose effect on the whole response is 
negligible, was cut off for the first PSD simulation. However, for proper comparison between the 
first and second test data, the test data of the first specimen included the cut-off portion which 
was assumed to be the same with data at end of static loading stage. 
 
Table 7.1 Input ground motion for the experiment 




Converter  13.1 21.9 5.4 0.612 0.586 0.96 
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  PGA: 0.612 (g)
PIER with HGM
PIER with H+VGM




















  PGA: 0.586 (g)
PIER with H+VGM
(a) Horizontal ground motion 
(b) Vertical ground motion  
Figure 7.1 Ground motion records used during the SPSD tests 
 
7.2.2 Cyclic Tests with Different Axial Load Levels 
Figure 7.2 shows the applied lateral displacement history for the cyclic tests with constant 
axial load. The axial load levels were determined by accounting for the axial force variation 
observed from the second SPSD test. The first specimen (ICT) was subjected to axial tension of 
222 kN (50 kips), while the second specimen (ICC) was subjected to axial compression of 1112 
kN (250 kips). The rotational DOFs were kept at zero for both specimens. Mixed control method 
was used for both tests, whereby the lateral displacement and rotation were displacement-
controlled and the vertical force was force-controlled. Due to the limitation of actuator force, 
positive cyclic load was applied as shown in Figure 7.2.  
The imposed displacement history included three cycles at each displacement level. The 
imposed displacement pattern of three cycles provides an indication of the strength degradation 
characteristics. From observation of SPSD tests the magnitude of the first displacement level was 
determined as 76.2 mm (3 in) which was thought to develop the inelastic behavior of the pier and 
cause a severe damage on the pier. The magnitude of the subsequent displacement level was 
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determined with an increment of 25.4 mm (1 in). Since it was observed that the effect of vertical 
ground motion on lateral displacement was insignificant, the same displacement level was kept 
up to 127 mm (5 in) for both piers. After this displacement level, the magnitude of the 
displacement was determined considering the damage status of tested specimen. 
 
 





























(b) ICC  





7.3 Pier Subjected to Horizontal Ground Motion   
7.3.1 Target Commands and Measured Deformations 
The first specimen (IPH) was subjected to the horizontal ground motion shown in Figure 
7.1 (a). The in-plane displacements and rotation were controlled using the LBCB and external 
measurement system used as feedback to correct for any out-of-plane motion or elastic 
deformation of the LBCB (elastic deformation is discussed in Chapter 6). Figure 7.3 shows 
comparison between target commands calculated by UI-SIMCOR using the α-OS method and 
deformations measured by the external measurement system during the test. It was observed that 
the difference between target and measurement for all DOFs was negligible. For example, a 
maximum error compared to the maximum response was 0.77% for lateral displacement and 
1.78% for vertical displacement. For the in-plane rotation, the maximum difference was 0.0005 
rad at 3.72 sec, which was 33% of the maximum response of 0.0015 rad. However, this error was 
small enough as not to affect the whole simulation history. The average error for the rotation was 
0.000044 rad which was negligible.   





















































































































Figure 7.3 Target and measurement displacements and rotation, specimen IPH 
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7.3.2 Comparison with Analytical Prediction 
Figure 7.4 shows the analytical predictions and the data measured during the sub-
structured pseudo-dynamic (SPSD) test with specimen IPH. Table 7.2 summarizes the 
experiment data and the analytical predictions. The analytical modules can significantly impact 
the imposed demands placed upon the experimental specimen. Thus, accurate and reasonable 
behavior of the analytical modules must be ensured. As previously noted, the analytical pier 
specimens in this study were modeled using a shear spring model within Zeus-NL 






























































































Figure 7.4 Comparison with analytical prediction, specimen IPH 
Table 7.2 Comparison with analytical prediction, specimen IPH 
Experiment Data Analytical Prediction Error (%) 










Dx (mm) 4.315 97.690 3.810 -45.492 4.310 98.920 6.120 -46.739 1.26 2.74
Dy (mm) 4.280 7.775 2.440 -0.349 4.255 5.703 3.080 -0.345 -26.64 -1.33
Rz (rad) 3.720 0.00150 3.285 -0.00105 3.815 0.00124 3.425 -0.00100 -17.40 -5.33
Fx (kN) 3.390 749.24 3.795 -595.08 4.305 747.55 3.770 -636.16 -0.23 6.90
Fy (kN) 7.055 -416.27 4.100 -1827.46 4.195 -613.27 3.665 -1348.06 47.32 -26.23
Mz (kN-m) 4.320 1067.06 3.830 -867.40 4.305 1174.83 3.770 -974.04 10.10 12.29
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The maximum lateral displacement and force predicted by analysis were 98.92 mm and 
747.6 kN, respectively, while the same quantities measured from experiment were 97.69 mm and 
749.2 kN. Therefore, the errors associated with lateral displacement and force between 
experiment data and analytical predictions are only 1.26% and -0.23%, respectively. The errors 
in rotation and moment are calculated as -17.4% and 12.3%, respectively. In the case of vertical 
DOF, the axial force was expected to vary from -1348 kN to -613 kN, resulting in variation of 
the axial force of 735 kN. The response measured during experiment varied from -1827 kN to -
416 kN with axial force variation of 1411 kN. Thus, the axial force variation is 92% higher than 
that predicted by the analysis. Figure 7.5 shows good correlation between experimental versus 
analytical predictions of the lateral force versus lateral displacement of the pier. The bridge bent 
piers were expected to behave similarly since the prototype structure was symmetric to a straight 
bridge centerline alignment as described in Section 4.2.2, and the input ground motion was along 
the same line (i.e. in the longitudinal direction). With the above mentioned, it can be concluded 









































Pier in the Analytical Module
Test Specimen
 
                  (a) Analytical prediction and test data                   (b) Pier in analytical module and test specimen 




7.3.3 Experimental Observations 
Figure 7.6 illustrates the measured lateral displacement with points monitored for 
investigating the damage during testing of specimen IPH. Table 7.3 and Table 7.4 summarize 
measured global response, maximum strain of longitudinal bar and spiral, and qualitative damage 
description at each monitored point (MP). The strain distributions for longitudinal bars and 
spirals at the monitored points are also illustrated in Figure 7.7 and Figure 7.8, respectively. 
Figure 7.9 shows the average curvature distribution calculated by using the linear potentiometer 
measurements. All strain and curvature measurement histories are shown in Appendix C. 
The first yielding of longitudinal bar occurred near the bottom right of pier at 2.815 sec 
and the corresponding step including static loading stage (i.e. 80 steps) is 644. The lateral 
displacement reached 22.60 mm. The lateral force and moment were 471 kN and 675 kN·m, 
respectively, as shown in Table 7.3. During the simulation up to the first significant peak lateral 
displacement (MP 2), a number of small horizontal cracks developed on the bottom right of the 
pier. Also, several inclined cracks were observed on the front of the pier. Figure 7.7 indicates 
that three measured longitudinal strains located at the bottom right (Layer A) exceeded the yield 
strains at this step. However, the spiral strains remained within the yield strain as depicted in 
Figure 7.8. 
During simulation to the next peak displacement (MP 4), yielding of the spiral located at 
1/3 of the distance from bottom of pier height (Spiral strain L3-2) was detected at 3.175 sec. The 
corresponding lateral displacement and force were 16.14 mm and 464 kN, respectively. At the 
peak displacement, as shown in Figure 7.10, the flexural and inclined cracks were observed at 
the bottom third of pier. The vertical cracks on the left face of the bottom of the pier were also 
found. As shown in Figure 7.7, most of longitudinal strains exceeded the yield strain of 0.002. 
Particularly, the strains (B-1 and B-2) at the bottom of the longitudinal bar located at left of the 
pier exceeded 0.01 which fell in the strain-hardening range. The spiral strains (spiral strain L2 
and L3) at the bottom of the pier also exceeded the yield strain as shown in Figure 7.8. The 
lateral displacement and force were measured to be 59.92 mm and 738 kN, respectively. 
Spalling of the concrete cover on the right face at the bottom of the pier was observed 
during loading to the next peak (MP 5). More flexural and inclined cracks were developed, and 
vertical cracks on the right face were observed. Figure 7.11 shows the damage in the pier at 
monitoring point 6 (4.315 sec), which is the maximum response during this test. More flexural 
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cracks with vertical cracks at the top and bottom of the pier were developed. In addition, inclined 
cracks at the top and bottom front of the pier were observed. The measured lateral displacement 
and force were 97.69 mm and 738 kN, respectively. The recorded maximum strain in 
longitudinal bar (B-1) and spiral (L3-6) was 0.019 and 0.004, respectively. 
After the above mentioned stage, damage in the pier was accumulated, but no more 
significant response was observed. Therefore it was decided to stop the test at 8.0 sec. Figure 
7.12 shows the damage to the pier at the final stage. Inclined cracks at the top and bottom of the 
pier were developed. Spalling of the concrete cover was observed on the left face at the top and 
on the right face at the bottom of the pier.    
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Figure 7.6 Measured lateral displacement and monitored points, specimen IPH 
 
Table 7.3 Global measurements at monitored points, specimen IPH 
MP* Time (sec) Step* Dx (mm) Dy (mm) Rz (rad) Fx (kN) Fy (kN) Mz (kN·m)
1 2.815 644 -22.60 0.691 0.00072 -471.6 -1121.1 -675.7 
2 2.930 667 -26.46 0.938 0.00091 -500.6 -1179.1 -728.7 
3 3.175 716 16.14 0.555 -0.00060 464.0 -1303.3 606.2 
4 3.425 766 59.92 4.744 -0.00089 738.0 -1623.0 1020.5 
5 3.810 843 -45.49 3.423 0.00140 -588.7 -848.1 -837.4 
6 4.315 944 97.69 7.725 -0.00070 738.2 -1659.2 1051.8 
7 5.725 1226 44.27 2.758 -0.00053 402.0 -1507.4 517.2 
8 6.120 1305 -44.55 3.813 0.00144 -551.9 -957.2 -807.2 
9 6.720 1425 71.58 5.183 -0.00044 615.7 -1593.8 892.6 
* Monitoring Point 
** This step includes the static loading stage (80 steps) 
 
Table 7.4 Local measurements and damage at monitored points, specimen IPH 
Max. strain (x 103) 
Longitudinal bar Spiral Time (sec) 
Strain Label GL* Strain Label GL*
Qualitative damage description 
2.815 2.02 A 1 5 0.59 L5-6 33.3  Yielding of longitudinal bar at A 1 
2.930 2.23 A 1 5 1.33 L5-6 33.3  Flexural cracks on the bottom right of the pier and inclined cracks on the  front of the pier 
3.175 1.77 A 5 90 2.00 L3-2 19.6  Yielding of Spiral at L3-2 
3.425 10.69 B 2 10 2.62 L3-6 19.6  Flexural and vertical cracks on the left face of the pier and inclined cracks at the bottom 1/3 of the pier 
3.810 6.69 A 2 10 2.84 L5-6 33.3  Spalling of concrete cover on the bottom right of the pier  Vertical cracks on the bottom right of the pier 
4.315 18.74 B 1 5 4.00 L3-6 19.6  Extensive flexural and diagonal cracks at the top and bottom 1/3 of pier 
5.725 -10.28 A 1 5 2.59 L2-1 13.3  
6.120 7.71 A 2 10 3.46 L3-6 19.6  
6.720 -12.84 A 1 5 3.70 L3-6 19.6  
* GL: gauge location as % of pier height 
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Figure 7.7 Strain distribution of longitudinal bar for each peak, specimen IPH 
 

























MP 9 (6.720 sec)
Yield strain
 
Figure 7.8 Strain distribution of spiral for each peak, specimen IPH 
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Figure 7.9 Average curvature for each peak, specimen IPH 
 
                      
                       (a) Side view (Left)                                                              (b) Front view  
Figure 7.10 Damage at the 2nd peak (MP 4, 3.425 sec), specimen IPH 
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(b) Top of pier at right side 
  
(a) Front view (c) bottom of pier at left side 
Figure 7.11 Damage at the 4th peak (MP 6, 4.315 sec), specimen IPH 
 
 
(b) Top of pier at left side 
  
(a) Front view (c) bottom of pier at right side 
Figure 7.12 Damage after test, specimen IPH 
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7.4 Pier Subjected to Horizontal and Vertical Ground Motion   
7.4.1 Target Commands and Measured Deformations 
The second specimen (IPV) was tested under the combined horizontal and vertical 
components of the ground motion shown in Figure 7.1. Figure 7.13 shows comparison between 
target commands from UI-SIMCOR and deformations measured by the external instruments 
during the SPSD simulation. It was observed that the difference between target and measured 
lateral displacement and rotation were negligible. For example, a maximum error compared to 
the maximum response was 1.5% for the lateral displacement. However, the measurement error 
for the vertical displacement was significantly large at 3.220 sec to 3.345 sec and 3.395 sec to 
3.520 sec, which included loading to the second significant peak response shown in Figure 7.16. 
This was because the Z-actuators in the LBCB, which were responsible for imposing the vertical 
force, reached their force limit of about 1387 kN (311 kips) during those steps. Thus, the 
actuators could not follow the command. As explained in Section 6.4, the concrete strength 
obtained from cylinder tests increased by 57.6%, in comparison with the prototype due to 
uncertainty in the concrete material despite the fact that the mix design was selected after several 
batch tests. In addition, the spiral tensile strength obtained from coupon testing was 25% larger 
than that of the prototype. Therefore, including the vertical ground motion with the increased 
material strength required more capacity of the LBCB than expectation. In order to prevent large 
errors from accumulating during the simulation due to the above mentioned limitations, the 
tangent stiffness was estimated for the steps where the capacity of the actuators was to be 
exceeded. For those steps, the calculated tangent stiffness was used in the I-modification of the 
integration scheme, α -OS method instead of the initial stiffness. The I-modification is used to 
























































































































Figure 7.13 Target and measurement, specimen IPV 
 
7.4.2 Comparison with Analytical Prediction 
Figure 7.14 shows the comparison between the analytical prediction and the measured 
data during the SPSD test. With the exception of the vertical component, the figure shows very 
good correlation between the analytical prediction and the measured response. As stated 
previously, the vertical force for certain ranges could not be achieved due to capacity limitation 
of the actuators. However, the overall trend shows a good agreement with analytical prediction. 
Therefore, it could be concluded that using the tangent stiffness for force correction is a 
reasonable approach. Table 7.5 summarizes the obtained experimental data and analytical 
prediction. The maximum lateral displacement and force predicted by analysis prior to physical 
testing were 98.72 mm and 742.45 kN, respectively, while the corresponding measured data 
from the physical test were 104.50 mm and 652.51 kN. Thus, the lateral displacement increased 
by 5.52%, while the lateral force was reduced by -13.78% in comparison with the analytical 
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prediction. For the vertical DOF, the axial force was expected to vary from -2652 kN to 449 kN, 
resulting in total axial force variation of 3102 kN, while the response measured during the 
experiment varied from -2407 kN to 387 kN with total axial force variation of 2794 kN. Thus, 
the axial force variation was reduced by 11% in comparison with that of the analytical 
prediction. Specifically, the axial tension forces during the physical test occurred at 3.355 sec to 
3.375 sec, 3.525 sec to 3.535 sec, and 4.600 sec to 4.640 sec. The maximum axial tension force 
was 387 kN at 3.365 sec. The corresponding lateral displacement and force were 59.45 mm and 
497 kN, respectively. Figure 7.15 indicates that the analytical prediction for the relationship 
between lateral displacement and force matches well with that of the test results. Therefore, it 
could be concluded that proper interaction between the analytical and experimental modules was 
achieved despite the error in the vertical displacement due to limitation of the actuators. 
 
 






























































































Figure 7.14 Comparison with analytical prediction, specimen IPV 
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Table 7.5 Comparison with analytical prediction, specimen IPV 
Experiment Data Analytical Prediction Error (%) 










Dx (mm) 4.315 104.497 6.115 -45.377 4.310 98.724 6.105 -45.715 -5.52 0.75
Dy (mm) 4.290 9.752 2.415 -0.604 4.245 5.993 3.080 -0.536 -38.55 -11.33
Rz (rad) 3.815 0.00136 6.635 -0.00107 3.830 0.00129 6.630 -0.00108 -5.22 1.15
Fx (kN) 4.275 652.51 6.105 -643.37 4.310 742.45 6.055 -622.66 13.78 -3.22
Fy (kN) 3.365 387.48 4.705 -2406.78 3.365 449.96 4.705 -2652.28 16.12 10.20
Mz (kN-m) 3.455 970.27 6.115 -918.40 4.315 1192.27 6.060 -945.82 22.88 2.98
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                  (a) Analytical prediction and test data                   (b) Pier in analytical module and test specimen 
Figure 7.15 Comparison with analytical prediction for Fx vs Dx, specimen IPV 
 
7.4.3 Experimental Observations 
Figure 7.16 illustrates the measured lateral displacement with points monitored for 
investigating the damage during testing of specimen IPV. Table 7.6 and Table 7.7 summarize the 
global and local measurements observed during the experiment. The strain distributions for the 
longitudinal bars and spirals for each monitored point (MP) are also shown in Figure 7.17 and 
Figure 7.18, respectively. Figure 7.19 illustrates the average curvature distribution calculated 
using linear potentiometer measurement. All strain and curvature measurement histories are 
shown in Appendix C. 
The first yielding in a longitudinal bar occurred at the bottom right of the pier at 2.785 
sec with corresponding lateral displacement of 19.66 mm, lateral force of 494.8 kN, and moment 
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of 673.5 kN·m as summarized in Table 7.6. After 22 steps (0.11 sec), the strain in the spiral 
located at 1/3 of pier height exceeded the yield strain with corresponding lateral force of 553.8 
kN. During the simulation to the first significant peak (MP 3), the number of flexural cracks 
occurred at the top right and bottom left of the pier. Also, several inclined cracks were found at 
the front top and bottom of the pier where the spiral strain exceeded the yield strain.  
Significant diagonal cracks, accompanied with loud crack sound, occurred in the middle 
of the pier at 3.360 sec where the simulation was approaching the second peak (MP 5). The 
corresponding spiral strain was recorded as 0.0053 which was approximately 2.5 times more 
than the yield strain. The strain in the longitudinal bar exceeded 0.01,  which was significantly 
large and fell in the strain-hardening range. The lateral force was approximately 500 kN and 
axial tension force of 343.5 kN was recorded. Figure 7.20 shows the status of pier at the second 
peak (3.440 sec). On the front of the pier the inclined shear cracks along the height were found 
with large diagonal cracks in the middle of the pier. The vertical cracks along with flexural 
cracks were found at the top right and bottom left of pier.   
Figure 7.21 shows the damage in the pier at 4.315 sec (MP 7). The response of the pier 
was at a maximum value at this time. More flexural and vertical cracks at the top and bottom of 
the pier were developed and inclined cracks on the front of pier along the height were observed. 
The spalling of concrete was observed at the top left and bottom right of the pier. Large flexural 
crack opening at the bottom left of pier was observed. The corresponding measured lateral 
displacement and force were 104.5 mm and 647.2 kN, respectively. The recorded maximum 
strains in the longitudinal bar and spiral were 0.021 (label: B-2) at the bottom left and 0.012 
(label: L6-3) at the middle of the pier, respectively. After this stage, the damage of pier was 
accumulated, but no more severe damage was observed. Therefore, the test was stopped around 
8.0 sec. Figure 7.22 shows the damage of pier at the final stage.   
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Diagonal crack at the 
middle of pier
 
Figure 7.16 Measured lateral displacement and monitoring points, specimen IPV 
Table 7.6 Global measurements at monitored points, specimen IPV 
MP* Time (sec) Step** Dx (mm) Dy (mm) Rz (rad) Fx (kN) Fy (kN) Mz (kN·m)
1 2.785 638 -19.66 0.455 0.00067 -494.8 -1326.2 -673.5 
2 2.895 660 -25.50 1.098 0.00089 -553.8 -1383.3 -748.3 
3 2.930 667 -25.84 1.014 0.00086 -511.1 -1404.6 -730.2 
4 3.360 753 58.65 6.366 -0.00049 499.6 343.5 667.5 
5 3.440 769 65.99 5.930 -0.00106 620.0 -627.8 886.9 
6 3.825 846 -37.27 3.029 0.00134 -624.9 -1187.7 -878.8 
7 4.315 944 104.50 9.688 -0.00025 647.2 -542.0 935.0 
8 5.715 1224 47.57 2.701 -0.00070 402.4 -1549.9 624.4 
9 6.115 1304 -45.38 4.540 0.00103 -628.5 -1213.8 -918.4 
10 6.715 1424 76.72 6.185 -0.00042 553.8 -957.0 879.8 
* Monitoring Point 
** This step includes the static loading stage (80 steps) 
Table 7.7 Local measurements and damage at monitored points, specimen IPV 
Max. strain (x 103) 
Longitudinal bar Spiral Time (sec) 
Strain Label GL* Strain Label GL*
Qualitative damage description 
2.785 2.01 A 0 0 0.30 L1-6 19.6  First yielding of longitudinal bar 
2.895 2.68 A 0 0 2.04 L3-2 33.3  First yielding of spiral at L3-2 
2.930 2.54 A 0 0 2.22 L3-2 33.3  Inclined crack at the front bottom and top 1/3 of pier and flexural cracks on the bottom right and top left of the pier 
3.360 11.67 B 0 0 5.26 L6-3 54.6  Significant diagonal cracks on the middle of the pier  Axial tension force was recorded. 
3.440 12.19 B 0 0 7.52 L6-3 54.6
 Inclined cracks on the front of pier along the pier height 
 Notable horizontal and vertical cracks on the bottom left and top 
right of the pier  
3.825 6.91 A 0 0 4.88 L3-2 33.3   
4.315 21.38 B 2 10 12.32 L6-3 54.6  Large crack open at bottom left and spalling of concrete at top left and bottom right of the pier.  
5.715 8.01 B 2 10 9.95 L6-3 54.6  
6.115 7.40 A 0 0 9.01 L6-3 54.6  
6.715 12.48 B 2 10 11.16 L6-3 54.6  
* GL: gauge location as % of pier height 
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MP3 (2.93 sec) MP5 (3.44 sec) MP6 (3.825 sec) MP7 (4.315 sec) Yield strain
 
Figure 7.17 Strain distribution of longitudinal bar for each peak, specimen IPV 
 































Figure 7.18 Strain distribution of spiral for each peak, specimen IPV 
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Figure 7.19 Average curvature for each peak, specimen IPV 
 
(b) Top of pier at right side 
  
(a) Front view (c) bottom of pier at left side 
Figure 7.20 Damage at the 2nd peak (MP 5, 3.440 sec), specimen IPV 
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(a) Front view 
 
(b) Top at left side 
 
(c) bottom right 
 
(d) Spalling of concrete at the top left 
 
(e) Large crack open at the bottom left 
 
(f) Spalling of concrete at the bottom right 
Figure 7.21 Damage at the 4th peak (MP 7, 4.315 sec), specimen IPV 
 
(a) Left view 
 
(b) Front view 
 
(c) Right view 
Figure 7.22 Damage at final stage, specimen IPV 
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7.5 Cyclic Test with Constant Axial Tension 
The first specimen (ICT) for the cyclic test was subjected to constant axial tension of 222 
kN (50 kips), which was 1.75% of ,c gf A , and cyclic increments of the lateral displacement as 
described in Figure 7.2 (a). The lateral and rotational DOFs were displacement-controlled, while 
the vertical DOF was force-controlled as stated previously. As shown in Figure 7.23, the rotation 
was controlled within +/- 0.00025 rad and the vertical force was controlled within tolerance of 45 
kN (10 kips). The maximum lateral force and moment were recorded to be 738.9 kN at step 546 
and 871.5 kN·m at step 548, respectively. The relationship between the lateral force and 
displacement depicted in Figure 7.24 shows the flexural dominant behavior and the significant 
pinching effect for large displacement.  
Table 7.8 summarizes the observed response at each peak lateral displacement.  Figure 
7.25 shows the strain distribution in the longitudinal bar for the first cycle of each lateral 
displacement level. Since many spiral strain gauges were damaged during the tests with 
specimens ICT and ICC, the strain distribution is difficult to be properly depicted. Therefore, the 
only spiral strain histories for both specimens are described and compared in the following 
Chapter. The history for each longitudinal and spiral gauge can be found in Appendix C. 
During the first cycle in the simulation with lateral displacement of 76.2 mm, the yielding 
of longitudinal bar and spiral occurred under lateral forces of 379.0 kN and 443.6 kN, 
respectively. The corresponding lateral displacements were 15.0 mm and 20.6 mm, respectively. 
Figure 7.26 presents the status of pier at the first peak. The number of flexural cracks was 
developed at the right and left of the pier. The spalling of concrete cover was also found at the 
bottom right of the pier. The inclined cracks occurred on the front of the pier along the height. 
The longitudinal strain near the bottom left exceeded 0.015 as illustrated in Figure 7.25. The 
lateral force at the peak step was 691.7 kN. The lateral forces of subsequent two cycles were 
reduced by 5.5% and 7.4% when compared to that of the first cycle. 
After the first cycle with lateral displacement of 127 mm which corresponds to 4.9% of 
drift ratio, the relationship between lateral displacement and force clearly showed flexural 
dominant behavior, and no significant strength degradations were observed. Therefore, it was 
decided to apply lateral displacement of 203 mm (drift ratio: 7.8%) where the specimen was 
thought to be severely damaged. As the simulation was approaching this displacement level, 
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significant diagonal crack opening on the front bottom of the specimen occurred around step 580 
(Dx = 152 mm) as shown in Figure 7.27. However, specimen ICT could still carry a significant 
load, as indicated in Figure 7.24.  
Figure 7.28 shows the damage in the specimen at the final stage. The cover concretes 
below the middle of the specimen was completely spalled out, and diagonal cracks with 
horizontal cracks in the core concrete were also found. Notwithstanding, the specimen was able 
to carry lateral force of 501.7 kN at the last cycles. Therefore, the strength was reduced by 27% 





































































Figure 7.23 Measured response, specimen ICT 
 




















Table 7.8 Observed response at each peak cycle, specimen ICT 
Max. strain (x 103) 











Strain Label GL* 
30 76.20 9.89 0.00000 691.7 202.2 814.5 16.7 B1 5.9 
90 76.16 9.87 -0.00004 653.4 204.2 807.3 16.2 B1 5.9 
150 76.18 9.81 -0.00001 640.5 192.3 803.9 16.1 B1 5.9 
220 101.63 12.21 0.00001 702.3 198.3 854.2 22.2 B1 5.9 
300 101.61 12.13 -0.00002 671.2 188.3 836.5 22.0 B1 5.9 
380 101.47 11.98 -0.00010 655.3 197.9 804.6 21.9 B1 5.9 
470 126.95 13.27 -0.00007 703.9 193.9 861.4 27.2 B1 5.9 
602 209.92 13.06 -0.00010 700.0 265.4 805.5 39.6 B1 5.9 
766 203.54 11.41 0.00002 589.8 254.3 679.8 36.1 B1 5.9 
926 203.52 10.30 -0.00002 501.7 257.7 572.2 35.4 B1 5.9 






































































(a) Left view 
 
(b) Front view 
 
(c) Right view 
Figure 7.26 Damage at step 30, specimen ICT 
 
(a) Front view (b) Close view of bottom 
 
(c) Right view 
Figure 7.27 Damage at step 580 (first 6in), specimen ICT 
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(a) Left view (b) Front view (c) Right view 
 
 
(d) Close view of front 
Figure 7.28 Final stage, specimen ICT 
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7.6 Cyclic Test with Constant Axial Compression 
The second specimen (ICC) tested under cyclic loading was subjected to a constant 
compressive axial load of 1112 kN (250 kips), which was 8.77% of ,c gf A , and the loading 
history shown in Figure 7.2 (b) using the mixed-mode control method. Figure 7.29 illustrates the 
obtained global response during the test. The rotation was kept as zero with error of +/- 0.00035 
rad and the axial force was controlled with tolerance of 22 kN (5 kips). Maximum lateral force of 
833.4 kN was measured at step 27 during the first displacement cycle. When the shear failure 
occurred at step 781, the test had to be terminated because of loss of lateral resistance and 
relatively large vertical displacement leading to an unstable mechanism. As depicted in Figure 
7.30, the relationship between the lateral force and displacement indicates shear dominant 
behavior with significant pinching effect. Table 7.9 summarizes the observed response at each 
peak lateral displacement. Figure 7.31 shows the strain distribution in the longitudinal bar (which 
bar?) for the first cycle of each lateral displacement level. The history for each longitudinal and 
spiral strain gauge can be found in Appendix C.   
Figure 7.32 presents crack development during the first cycle in the simulation with 
lateral displacement of 76.26 mm. The first yieldings in the longitudinal bar and spiral were 
detected during the first cycle with displacements of 13.89 mm and 24.07 mm, respectively. The 
corresponding forces were 505.3 kN and 685.6 kN, respectively. Crushing of the concrete at the 
bottom right occurred at end of the first cycle. The flexural cracks at the top and bottom of the 
pier as well as the diagonal cracks on the front of the pier were also observed. At this stage, the 
longitudinal strain at the bottom left (Layer B) exceeded 0.019 under lateral force of 823.4 kN 
and moment of 1036.6 kN·m as listed in Table 7.9. The lateral forces in the following two cycles 
were 770.2 kN and 745.6 kN, respectively with reduction of 6.46% and 9.45% when compared 
to the lateral resistance of the first cycle.  
During the third cycles with the second displacement level (101.6 mm), extension of the 
flexural cracks to the inclined cracks was observed. The vertical cracks were observed at the left 
and right faces of the pier. Significant diagonal cracking occurred on the front and back of the 
pier. Between step 465 and 466 (the first cycle of the third displacement level of 127 mm), the 
lateral force dropped from 699.4 kN to 438.1 kN (reduction of 37.4%). As shown in Figure 7.33, 
large diagonal cracks were observed on the front of pier and spalling of the concrete cover was 
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found below half of the pier height. At this stage, most strain gauges on the spirals were 
damaged. After this stage, large pinching effect was observed as shown in Figure 7.30.  
During the peak of the first cycle of the next displacement level (152.4 mm), drastic shear 
failure occurred at the bottom third of the pier with rupture of spiral as shown in Figure 7.34. The 
ruptured spiral was located at 500 mm from the bottom of pier (19.3% of pier height). The 
concrete cover below the middle of the specimen was completely spalled out. Severe damage 
was observed in the core concrete with diagonal cracks and deep angle of about 60o. The lateral 
force was recorded to be 154.9 kN which was 18.6% of the maximum force measured during the 
simulation. The axial force due to the loss of axial stiffness was reduced to 25 kN which was 
only 2.3% of the initial axial compressive load. Therefore, the test had to be stopped due to the 







































































Figure 7.29 Measured response, specimen ICC 











Figure 7.30 Fx and Dx, specimen ICC 
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Table 7.9 Observed response at each peak cycle, specimen ICC 
Max. strain (x 103) 











Strain Label GL* 
30 76.26 7.72 -0.00002 823.4 -1102.9 1036.6 19.3 B1 5.9 
90 76.18 6.49 -0.00031 770.2 -1122.9 1021.9 -21.4 A1 5.9 
150 76.17 6.00 -0.00030 745.6 -1133.7 1017.1 -25.4 A1 5.9 
220 101.66 6.03 -0.00030 767.5 -1097.2 1043.9 18.7 A5 100.0 
300 101.60 5.09 -0.00032 718.0 -1119.9 1001.4 17.1 A4 94.1 
380 101.58 4.61 -0.00033 693.0 -1122.9 964.8 16.4 A4 94.1 
470 127.02 1.18 -0.00023 512.5 -1094.1 776.2 16.5 A5 100.0 
570 126.95 -1.32 -0.00033 451.1 -1096.7 691.9 13.0 A4 94.1 
670 126.99 -3.00 -0.00028 371.1 -1103.2 594.1 11.8 A4 94.1 
782 155.26 -9.07 0.00143 154.9 -25.0 277.5 11.2 A4 94.1 






































































Figure 7.31 Strain distribution of longitudinal bar, specimen ICC 
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(a) Left view 
 
(b) Front view 
 
(c) Right view 
Figure 7.32 Damage at step 30, specimen ICC 
 
(a) Left view 
 
(b) Front view 
 
(c) Right view 
Figure 7.33 Damage at step 466 (force drop), specimen ICC 
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(a) Left view 
 
(b) Front view 
 
(c) Right view 
 
    
                      (d) Front close view                                                (e) rupture of spiral at back of pier 
Figure 7.34 Damage at final stage, specimen ICC 
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7.7 Summary and Discussion 
In this chapter the experimental observations as well as comparison with analytical 
predictions are presented and discussed briefly, whilst comprehensive assessment of the results is 
given in Chapter 8. The main response features observed from laboratory testing are summarized 
below: 
 
Specimen IPH under horizontal ground motion only 
• During loading to the first peak, the first yielding in a longitudinal bar occurred at 
2.815 sec. The concurrent lateral displacement (Dx) and force (Fx) were 22.60 mm 
and 471 kN, respectively. Yielding of the spiral was detected at 3.175 sec (Dx=16.14 
mm and Fx=464 kN) during loading to second peak.  
• The maximum lateral displacement during this test occurred at 4.315 sec (Dx=97.69 
mm and Fx=738 kN). The strains in longitudinal bars and spirals reached 0.019 and 
0.004, respectively. 
• Significant flexural, vertical, and inclined shear cracks were observed at the top and 
bottom of the pier. Spalling of the concrete cover was observed on the left face at the 
top and on the right face at the bottom of the pier.   
 
Specimen IPV under horizontal and vertical ground motions 
• During loading to the first peak, the first yielding in a longitudinal bar occurred at 
2.785 sec (Dx=19.66 mm and Fx=494.8 kN). The strain in the spirals exceeded the 
yield strain at 2.895 sec (Dx=25.5 mm and Fx=553.8 kN). 
• Significant diagonal cracks occurred in the middle of the pier at 3.360 sec (Dx=58.65 
mm and Fx=499.6 kN) while the simulation was approaching the second peak. The 
corresponding strains of longitudinal bar and spiral were 0.01 and 0.0053, 
respectively. An axial tension force of 343.5 kN was recorded. 
• The maximum lateral displacement of the pier was at 4.315 sec (Dx=104.5 mm and 
Fx= 647.2 kN). The strains in the longitudinal bars and spirals were 0.021 at the 
bottom left and 0.012 at the middle of the pier, respectively. 
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• Inclined cracks on the front of pier along the height as well as significant flexural and 
vertical cracks at the top and bottom of the pier were observed. Spalling of concrete 
cover was observed at the top left and bottom right of the pier.  
 
Specimen ICT subjected to axial tension force 
• During the first cycle in the simulation, yielding of a longitudinal bar and spiral 
occurred under lateral forces of 379.0 kN and 443.6 kN, respectively. The 
corresponding lateral displacements were 15.0 mm and 20.6 mm, respectively. 
• After the first cycle, the relationship between lateral displacement and force clearly 
showed a flexure-dominated behavior. No significant strength degradation was 
observed until the simulation reached the lateral displacement of 203 mm where the 
maximum lateral force was recorded to be 700 kN. As the simulation approached this 
displacement level, significant diagonal crack opening on the front bottom of the 
specimen occurred at the lateral displacement of 152 mm. However, the test specimen 
was still able to carry a significant load. 
 
Specimen ICC subjected to axial compression force 
• First yielding in a longitudinal bar and a spiral was detected during the first cycle 
with displacement amplitudes of 13.89 mm and 24.07 mm, respectively. The 
corresponding forces were 505.3 kN and 685.6 kN, respectively.  
• During the third cycles of displacement amplitude of 101.6 mm, significant diagonal 
cracking occurred on the front and back of the pier. The lateral force dropped from 
699.4 kN to 438.1 kN (reduction of 37.4%) during the first cycle of displacement 
amplitude of 127 mm. At this stage, most strain gauges on the spirals were damaged. 
After this stage, large pinching effects were observed.  
• During the first application of the displacement limit of 152.4 mm, drastic shear 
failure occurred at the bottom third of the pier with rupture of spirals located at 500 
mm from the bottom of pier (~19% of pier height). The lateral force was recorded to 






INTERPRETATION OF EXPERIMENTAL RESULTS  
8.1 Introduction 
This chapter provides detailed investigation and discussion of the experimental results. 
The effect of vertical ground motion on the overall response of the pier is discussed through 
comparison between the global and local responses obtained from sub-structured pseudo-
dynamic (SPSD) tests. The first specimen (IPH) was tested under horizontal ground motion, 
while the second specimen (IPV) was tested under combined horizontal and vertical components 
of earthquake motion. The effect of different axial load levels on the pier is also discussed using 
results from experimental testing of specimens ICT and ICC, subjected to axial tension and 
compression, respectively. The shear strengths of the test specimens are evaluated and compared 
using the conservative methods of the design codes and more realistic predictive approach.  
8.2 Comparison of Sub-structured Pseudo-dynamic Test Results  
Figure 8.1 presents comparison between measured displacements and forces for 
specimens IPH and IPV. The figure shows that including the vertical ground motion significantly 
affects the axial displacement and force rather than the lateral displacement and rotation, 
resulting in change in the lateral force. As listed in Table 8.1, when the vertical ground motion 
was included, the lateral displacement increased by 6.97%, while the rotation was reduced by 
9.72%. Conversely, the change in the vertical DOF due to the vertical ground motion is notable 
as indicated in Figure 8.1. The maximum axial compression force increased by 31.7%. 
Moreover, the axial tension force was observed only when the vertical ground motion was 
included. As a result, the axial force variation increased by 98.01%. As described in Table 8.1, 
the maximum lateral force was reduced by 12.91%, while the variation in the lateral force was 
reduced by only 3.60% even if the corresponding lateral displacement and variation increased by 
6.97% and 4.67%, respectively. This could be due to early yielding of the longitudinal bar 
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resulting from the axial force variation caused by the vertical ground motion. Another possible 
reason could be that the axial compression force on specimen IPV was lower than expected due 
to limitations of the actuator. As explained in Section 7.4.3, the Z-actuators of the LBCB reached 
their force limit during loading to two large positive peaks when testing specimen IPV. Thus, the 
intended axial compression force could not be imposed. Consequently, the axial compression 
force was lower than expected, resulting in lower lateral stiffness, hence lower shear demand. 
The relationship between the lateral force and displacement is shown in Figure 8.2. The figure 
clearly shows the fluctuation in the lateral force due to axial force variation. The lateral force of 
the specimen IPH increases smoothly as displacement increases, while that of the specimen IPV 
shows rise and fall, which is thought to be due to fluctuation of the axial force. Therefore, it 
could be inferred that the lateral force demand of specimen IPV could be close to or larger than 
that of the specimen IPH if the actuators force capacity were enough to provide such high 
compression force. Figure 8.3 illustrates the crack pattern and damage of specimens IPH and IPV 
after tests. The figure clearly shows that the damage in specimen IPV was more severe than that 
of specimen IPH. The diagonal cracks on the middle, the horizontal cracks at the bottom and top, 
and the inclined cracks extending from the horizontal cracks of specimen IPV were more severe 
than those of specimen IPH. 
 
Table 8.1 Effect of vertical ground motion on maximum responses and variations   
IPH IPV Effect of VGM (%) 
Component 
Max Min Variation Max Min Variation Peak  Variation 
Dx (mm) 97.69 -45.49 143.18 104.50 -45.38 149.87 6.97 4.67 
Dy (mm) 7.77 -0.35 8.12 9.75 -0.60 10.36 25.44 27.48 
Rz (rad) 0.00150 -0.00105 0.00256 0.00136 -0.00107 0.00243 -9.72 -5.13 
Fx (kN) 749.2 -595.1 1344.3 652.5 -643.4 1295.9 -12.91 -3.60 
Fy (kN) -416.3 -1827.5 1411.2 387.5 -2406.8 2794.3 31.70 98.01 


































































































Figure 8.1 Comparison of displacements and forces, specimens IPH and IPV 
 
 

































Left view Front view Right view 







Left view Front view Right view 
(b) Specimen IPV 




Figure 8.4 illustrates the comparison of longitudinal strain history. Label numbers 0 and 7 
indicate the strains at the bottom and top of pier, respectively, while the label numbers 1 or 6 and 
2 or 5 represent the strains at 152.4 mm (6 in) and 304.8 mm (12 in) from the bottom or top of 
the pier, respectively. The detailed arrangement and numbering of strain gauges can be found in 
Figure B.1 in Appendix B. The strain history for both piers shows diagonally symmetric 
response which is reasonable because the recorded rotations at the top of both piers were so 
small that the global deformation of the specimen was close to a double curvature. It was 
observed that the longitudinal strains for both piers were almost identical except for few cases. 
The tension strains at the bottom left (B0) and top right (A7) of specimen IPV were much higher 
than those of specimen IPH. Conversely, the compression strains near the bottom right (A1) and 
top left (B6) of IPV were lower than those of IPH. The longitudinal strain variation due to the 
applied axial load for specimen IPV is estimated simply by taking the difference of vertical 
displacement between both specimens. It is assumed that the difference in lateral displacement 
and rotation for both specimens are minimal. The estimated strain variations are from 0.000051 
to -0.000315 which are only 2.5% and -15.7% of the yield strain, respectively. Therefore, the 
observed large difference in the longitudinal strains mentioned above could be due to local 
features. Indeed, the large crack opening at the bottom left of specimen IPV was found during 
the experiment (see Figure 7.21). The strain histories for both piers except those gauges were 
almost identical.  
Figure 8.5 shows comparison of the longitudinal strain distributions at each lateral 
displacement peak. It was observed that the effect of vertical ground motion on the longitudinal 
strain was insignificant as expected. Hence, the curvature distributions depicted in Figure 8.6 do 
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                                   (c) Bottom left                                                                 (d) Bottom right 
Figure 8.4 Comparison of longitudinal strain history, specimens IPH and IPV 
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Figure 8.5 Comparison of longitudinal strain distribution, specimens IPH and IPV 
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Figure 8.7 Comparison of spiral strain history, specimens IPH and IPV 
 
Figure 8.7 presents the spiral strain histories of specimens IPH and IPV at level 1 to 3. It 
is clear that the spiral strain increased remarkably when the vertical ground motion was included. 
For instance, many strain values at level 3 of specimen IPH exceeded the yield strain, while 
those of specimen IPH were below than the yield strain. The maximum spiral strains of 
specimens IPH and IPV at level 3 were 0.00304 and 0.00794, respectively. Thus, the spiral strain 
increased by 162% due to the vertical ground motion.  
The spiral strain distribution at each peak displacement level is shown in Figure 8.8. It is 
clear that the effect of vertical ground motion on the spiral strain was significant. The spiral 
strain of specimen IPH has a tendency to decrease as the strain gauge location is close to the mid 
height of the pier.  In contrast, the spiral strain in specimen IPV tends to increase near mid height 
of the pier. Therefore, it could be inferred that the largest spiral strains in specimens IPH and 
IPV occurred near the bottom and middle of the pier, respectively. Figure 8.8 indicates that the 
maximum spiral strains for both specimens occurred at the 4th peak where the maximum lateral 
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displacements for both piers were recorded. The measured largest strains for specimen IPH and 
IPV were 0.00401 at 20% of the pier height and 0.01241 at 55% of the pier height, respectively. 
Therefore, considering the observed trends in the strain distribution and the measured maximum 
spiral strains for both piers, it could be concluded that the spiral strain increased up to about 
200% when the vertical ground motion was included. Therefore, including the vertical ground 
motion reduced the shear capacity of the pier since the shear strength provided by the spirals was 
significantly reduced due to large strains in the spirals.  
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8.3 Comparison of Cyclic Test Results  
Figure 8.9 shows the measured displacements and forces for specimens ICT and ICC 
which were cyclically tested with constant axial tension and compression, respectively. The input 
displacements (Dx) for both specimens were identical up to the second displacement level (127.0 
mm).  Beyond the second displacement level, the input displacements were different as 
determined by considering the damage status of specimen during the experiment. 
As expected, the vertical displacement of specimen ICT increased due to the applied axial 
tension as the number of cycles increased, while that of specimen ICC was reduced due to the 
applied axial compression. As summarized in Table 8.2, the lateral forces (Fx) at the first peak of 
specimens ICT and ICC were 691.7 kN and 823.4 kN, respectively. Thus, the lateral force of 
specimen ICC was 19.04% larger than that of specimen ICT. The measured moments of 
specimen ICT and ICC at the first peak were 814.5 kN·m and 1036.6 kN·m, respectively. Hence, 
the moment increased by 27.27% when the axial compression force was applied. However, as 
presented in Figure 8.9, the lateral forces and moments of specimen ICC were reduced rapidly as 
the number of cycle increased, while those of the specimen ICT increased slightly. At the first 
peak with displacement level of 152.4 mm (6 in.), the lateral force of specimen ICT was 
recorded to be 714.6 kN, while that of the specimen ICC was 362.2 kN. Thus, the lateral forces 
of the specimen ICC was 49.31% smaller than that of the specimen ICT. Additionally, compared 
to the strength at the first peak with displacement level of 76.2 mm (3 in.), the strength of 
specimen ICT increased by 3.3%, while that of the specimen ICC was reduced by 56.0%. Hence, 
specimen ICC showed significant strength degradation. The strength degradation of specimen 
ICC can be easily found from the relationship between the lateral displacement and force shown 
in Figure 8.10 (a). The envelope curves for both piers were estimated as shown in Figure 8.10 (b). 
This figure indicates ductile behavior for specimen ICT which was subjected to moderate axial 
tension. In contrast, specimen ICC subjected to axial compression showed shear dominant 
behavior with significant strength degradation. Figure 8.11 shows images of both specimens 
taken at the step at which the specimen ICC failed. Specimen ICT experienced severe flexural 
and inclined cracks with large opening of diagonal cracks near the bottom of pier, but did not fail 
or experience any strength degradation. Conversely, specimen ICC experienced brittle shear 
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failure with rupture of the spiral. Therefore, it is concluded that the different axial load level can 
significantly affect the behavior and failure mode of RC pier. 
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Figure 8.9 Comparison of displacements and forces, cyclic tests 
 
Table 8.2 Measured forces at the first peak for each displacement level, cyclic tests   
Fx (kN) Fy (kN) Mz (kN*m) 
Dx (mm) 
ICT ICC Ratio* ICT ICC ICT ICC Ratio* 
76.2 691.7 823.4 19.04 202.2 -1102.9 814.5 1036.6 27.27 
101.6 702.3 767.5 9.28 198.3 -1097.2 854.2 1043.9 22.21 
127.0 703.9 512.5 -27.19 193.9 -1094.1 861.4 776.2 -9.89 
152.4 714.6 362.2 -49.31 198.1 -1090.2 845.6 587.4 -30.53 
155.3** 717.0 154.9 -78.40 192.9 -25.0 848.7 277.5 -67.30 
*    Ratio (%) = (ICC-ICT)/ICT x 100 
* * Specimen ICC was failed at this displacement level 
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                                     (a) Fx vs Dx                                                              (b) Envelope curves 
Figure 8.10 Comparison of force and displacement relationship, cyclic tests. 
                               
(a) ICT                                                                (b) ICC 
Figure 8.11 Comparison of damage status at failure of specimen ICC, cyclic tests 
Figure 8.12 and Figure 8.13 present the histories and distributions of longitudinal strains, 
respectively. Label numbers 1 and 4 represent strains at 152.4 mm (6 in) from the bottom and top 
of the piers, respectively. It was observed that the measured longitudinal strains of specimens 
ICT and ICC were similar up to the first peak with displacement level of 76.2 mm (3 in). After 
this stage, the strains at the bottom left and top right of specimen ICT were getting larger. This is 
because the axial displacement of the pier continued to increase as the lateral displacement 
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increased in order to maintain the axial tension. Thus, significant increase of axial strain was 
observed in specimen ICT. On the contrary, the axial strains in specimen ICC were becoming 
slightly smaller. For instance, as shown in Figure 8.13, the longitudinal strain near the bottom 
left of specimen ICT was 0.032 when the lateral displacement reached 152 mm (6 in). This strain 
value was 3 times higher than the strains in specimen ICC. Therefore, it could be inferred that 
the level of plastic hinge formation for specimen ICT should be higher than that of specimen ICC. 
As a consequence, specimen ICT showed more ductile behavior.  















































                                          (a) Left                                                                            (b) Right 
Figure 8.12 Longitudinal strain history near bottom and top of pier, cyclic tests 
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 Figure 8.13 Comparison of longitudinal strain distribution at the first cycle of each displacement 
level, cyclic tests 
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The comparison between the spiral strain histories for both specimens is illustrated in 
Figure 8.14. Although most strain gauges on the spirals were damaged during the experiments, 
comparison of spiral strains up to step 450 was made. The overall trend in spiral strains for both 
specimens shows increase in the strain as the number of cycles and displacement level increase. 
In most cases, the spiral strains in specimen ICC were much larger than those of specimen ICT. 
This is one of the main reasons for the brittle shear failure experienced by specimen ICC. 
Specifically, strains in specimen ICC at level 3 increased rapidly and exceeded their limits 
during loading to the first cycle with displacement level of 101.6 mm (4 in). Indeed, the spirals at 
this level were ruptured when the specimen ICC failed in brittle manner. Most spiral strain 
gauges of specimen ICC exceeded their limits before step 465 where the first significant drop of 
lateral force was observed from 699.4 kN to 438.1 kN. Therefore, for the test specimens 
considered and the loading used, it is concluded that the column subjected to axial compression 
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Figure 8.14 Spiral strain history, cyclic tests 
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8.4 Evaluation of Shear Strength 
One of the important objectives in this study is to investigate the effect of vertical ground 
motion or different axial load level on the shear strength of pier. Therefore, the shear strengths of 
test specimens were evaluated by employing the design code methods and realistic predictive 
approach explained in Chapter 2. The approximation (Eqs. 2.8 and 2.9) and refined methods (Eq. 
2.11) of ACI 318-05 as well as AASHTO LRFD (2005) method were used to represent the 
design code methods, while the method by Priestley et al. (1994) was adopted for the predictive 
approach.  
The obtained experimental data were used for the member forces and longitudinal strains 
required to estimate shear strength. The displacement ductility, instead of the curvature ductility, 
was used to estimate the shear strength contribution of concrete (Vc) in Priestley approach. This 
is because some curvature measuring instruments reached their limits during the experiments. 
Additionally, the number of curvature measuring instruments installed on specimens ICT and 
ICC were insufficient to estimate the curvature. The displacement corresponding to the first 
yielding in the longitudinal bar was assumed to be the yield displacement. The measured 
longitudinal strains were used to calculate the compression zone for Priestley’s approach and 
strain ( xε ) at mid-depth of section for the AASHTO LRFD code design approach. The maximum 
allowed strain ( xε ) at mid-depth of a section is 0.001 according to the AASHTO LRFD code. 
However, according to Collins et al. (2002), strain value up to 0.010 is extended in order to 
evaluate the shear capacity under larger curvature. Therefore, strain value suggested by Collins 
et al. (2002) was used to estimate the mid-depth strain for the large deformation. 
The effect of either the vertical ground motion or the different axial load level on the 
shear strength of the pier was investigated through the following steps; 
1) The shear capacity was estimated along the loading step and compared with the 
measured shear demand to investigate the overall trend 
2) Each component contributing to the shear capacity, such as the concrete (Vc), 
spirals (Vs), and axial load (Vp), was evaluated when the maximum shear demand 
occurred. The estimated shear capacity and its components were investigated in 
details taking into account the experimental observation 
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3) The effect of vertical ground motion on the shear capacity of the pier was 
investigated by using the predictive approach of shear strength selected from the 
study above 
Figure 8.15 illustrates comparison between the measured shear demand and the shear 
capacity estimated by each model along the loading step. It should be noted that the spirals in the 
tested specimens had two different spacings, 63.5 mm (referred to as type 1) and 108.0 mm 
(referred to as type 2). Thus, the shear strengths were evaluated at the bottom (type 1) of pier and 
where spiral spacing type 2 starts.  
For the spiral spacing type 1, the shear demand exceeds the shear strength estimated by 
the AASHTO LRFD code for all specimens, while other approaches show high safety margin. 
For spiral spacing type 2, the estimated shear strengths are close to or less than the recorded 
shear demands for the tested specimens. It is observed that the shear strengths calculated using 
AASHTO LRFD approach is much less than the shear demand for all specimens. Shear strengths 
calculated according to Priestley and ACI are less than the shear demands for specimens ICT and 
ICC, but close to the shear demand of specimen IPV. During testing of specimens IPV and ICC, 
significant diagonal cracks and high spiral strains were observed at the region of spiral type 2. 
Therefore, estimating the capacity using the selected approaches with the exception of the 
AASHTO LRFD code seems to yield good agreement with test results. However, specimen ICT 
did not suffer severe damage at the first cycle during the tests. Notwithstanding, the strength 
estimated by all approaches is less than the shear demand, hence, either shear failure or severe 
damage is expected. Therefore, the selected approaches provide conservative estimation for the 
pier subjected to the axial tension. Furthermore, brittle shear failure was not observed during the 
experiments except for specimen ICC. Thus, the AASHTO LRFD approach is conservative for 
all specimens considered and loading used. The AASHTO LRFD approach is based on the 
Modified Compression Field Theory (MCFT, Vecchio and Collins, 1986). The MCFT is 
originally developed by observing the response of a number of concrete panels loaded in pure 
shear or shear with combined axial stress. Therefore, this method appears to provide a not very 
accurate prediction for the circular column. Since the refined method of ACI 318-05 is different 
from the approximation method only when a member is subjected by axial compression, the 
shear strengths estimated by both ACI 318-05 approaches are identical for ICT as shown in 
Figure 8.15 (e). 
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Priestley et al (1994) ACI 318-05 Approx. ACI 318-05 Refined AASHTO LRFD Demand
 
                   (a) Spiral spacing type 1, IPH                                       (b) Spiral spacing type 2, IPH 





































                  (c) Spiral spacing type 1, IPV                                        (d) Spiral spacing type 2, IPV 





































                      (e) Spiral spacing type 1, ICT                                  (f) Spiral spacing type 2, ICT 





































                        (g) Spiral spacing type 1, ICC                                 (h) Spiral spacing type 2, ICC 
Figure 8.15 Shear demand and estimated capacities for test specimens 
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To compare the shear strength estimated using each method in an effective manner, each 
component of the shear strength was visualized in terms of concrete contribution (Vc), spiral 
contribution (Vs), and axial force contribution (Vp) as shown in Figure 8.16, if applicable. The 
detailed value per each component and the ratio of measured shear demand to estimated shear 
strength are shown in Table 8.3. The shear strengths for specimens IPH and IPV were monitored 
when the maximum shear demand occurred, while those of specimens ICT and ICC were 
evaluated when the maximum shear demand occurred during the first cycle. The selected lateral 
force of specimen ICT was 90% of the maximum lateral force of 738 kN measured at the last 
















































































































































































































































                                           (c) ICT                                                                             (d) ICC 
Figure 8.16 Estimated shear components per each model, spiral type 2 
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Table 8.3 Estimated shear components per each model, spiral type 2 



















 IPH IPV 
Test    749.2     652.5  
Priestley et al. (1994) 212.7 525.6 215.5 953.8 1.27 112.7 525.6 72.3 710.6 1.09 
ACI 318-05 Approx. 467.2 331.6 - 798.8 1.07 372.8 331.6 - 704.3 1.08 
ACI 318-05 Refined 448.9 331.6 - 780.4 1.04 407.4 331.6 - 739.0 1.13 
AASHTO LRFD 2005 227.6 289.9 - 517.5 0.69 156.8 227.4 - 384.2 0.59 
 ICT ICC 
Test    691.7     833.7  
Priestley et al. (1994) 114.2 525.6 0.0 639.8 0.93 114.9 525.6 205.7 846.3 1.02 
ACI 318-05 Approx. 266.1 331.6 - 597.7 0.86 426.5 331.6 - 758.1 0.91 
ACI 318-05 Refined 266.1 331.6 - 597.7 0.86 398.0 331.6 - 729.5 0.87 
AASHTO LRFD 2005 159.7 229.7 - 389.4 0.56 198.5 262.6 - 461.1 0.55 
 
Figure 8.16 (a) shows the estimated shear capacity with each component and the 
corresponding shear demand for specimen IPH. The shear capacity estimated by Priestley 
method is 27% higher than the measured shear strength. The shear capacities calculated using the 
approximation and refined methods of ACI 318-05 are only 7% and 4% higher than the shear 
demand, respectively. In contrast, the shear strength predicted by the AASHTO LRFD approach 
is 31% less than the shear demand. Considering the measured spiral strain and observed damage 
status of IPH, there should be large margin of shear strength to shear failure. Therefore, it could 
be concluded that the selected approaches except for Priestley method provide conservative 
predictions for specimen IPH.  
The measured shear demand of specimen IPV shown in Figure 8.16 (b) is close to the 
shear capacities estimated by Priestley and ACI approximation approaches with only 9% and 8% 
of overestimation, respectively. Other methods either overestimate or underestimate the shear 
capacity with high errors. As explained previously, specimen IPV suffered severe damage 
including significant diagonal cracks in the middle of the pier. The spiral strains were larger than 
0.01, which fell in strain hardening of spiral. Therefore, it seems that approaches by Priestley and 
ACI 318-05 approximation give a reasonable estimation. It is noteworthy that the contribution of 
axial force (Vp) to shear capacity by the Priestley is significantly reduced when compared to IPH. 
The ratio of Vp to the shear capacity (Vn) is 23% for specimen IPH and 10% for specimen IPV. 
Thus, it could be inferred that the significant fluctuation of axial force due vertical ground 
motion reduces the Vp contribution, leading to degradation in the shear capacity. 
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Figure 8.16 (c) indicates that specimen ICT, subjected to constant axial tension, shows 
higher shear strength than that predicted by all approaches. This specimen did not experience 
brittle shear failure. Hence, it is evident that none of the selected approaches can take into 
account the effect of axial tension properly for the specimen considered.  
The predicted shear capacities of specimen ICC tested with constant axial compression 
are visualized in Figure 8.16 (d). The shear capacity by all approaches except for Priestley is 
significantly underestimated when compared to the measured shear demand. The shear capacity 
predicted by Priestley method is only 2% larger than the maximum shear demand of the 
specimen. As explained previously, specimen ICC suffered severe damage at this step (peak of 
the first cycle) and showed clear strength degradation beyond that cycle. However, the Priestley 
method does not predict well the shear capacity at the failure stage as indicated in Figure 8.15 
(h). The reason is that this model cannot properly consider the strength degradation as influenced 
by the number of cycles even though this method accounts for the strength degradation due to 
increase in the ductility level. The inelastic strains in the spirals and longitudinal strains can be 
accumulated as the number of cycle increases, resulting in reduction of the dowel action and the 
aggregate interlock along diagonal cracks as well as reduction of the concrete contribution due to 
crack opening.  Disregarding strength degradation caused by the number of cycles the agreement 
between the capacity predicted using Priestley’s approach and the maximum strength is much 
better than other approaches. 
From the above discussion one could conclude that estimating the shear capacity using 
Priestley et al. (1994) is relatively in good agreement with the obtained shear strength and the 
observed damage during the experiments. Therefore, the reserved shear strength defined as the 
difference between the shear capacity estimated using Priestley’s approach and the measured 
shear demand was evaluated for specimens IPH and IPV. The minimum reserved shear strengths 
for specimens IPH and IPV were calculated as 125.77 kN and 55.63 kN, respectively. The ratio 
of reserved strength of the two specimens was calculated to evaluate the effect of vertical ground 
motion on the capacity of the piers as shown in Figure 8.17. The figure indicates that the ratio of 
the reserved shear strength increases with high axial compression, whereas it decreases with low 
axial compression or moderate axial tension. As discussed previously, the lateral displacements 
for both specimens are almost identical; suggesting that the concrete contribution (Vc) using 
Priestley approach should be close to each other. Thus, the fluctuation of the ratio of reserved 
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shear strength is mainly due to Vp component as a result of the axial force variation. It is 
noteworthy that the ratio of reserved shear strength is significantly reduced at steps 730 to 800 
(3.245 sec to 3.595 sec) and steps 900 to 1000 (4.095 sec to 4.595 sec). At these ranges, the shear 
demands are relatively large for both IPH and IPV and axial loads of IPV are lower than those of 
IPH. The difference between the shear capacity and demand is reduced by 60% at step 948 
(4.335 sec) when the vertical ground motion is included. The corresponding shear demand and 
axial compression force of specimen IPH are 693.7 kN and 1671 kN, while those of specimen 
IPV are 623.5 kN and 452 kN. Even if shear demand of the specimen IPH is higher than that of 
the specimen IPV, the ratio of the reserved shear strength is less than 1 for these steps, which 
indicates that the significant reduction in the shear capacity is due to the vertical ground motion. 
Therefore, taking into account the shear capacity estimated using the realistic predictive 
approach and the observed spiral strain and damage status of the pier, it is concluded that the pier 
subjected to the combined horizontal and vertical component of the earthquake record is more 
vulnerable than that subjected to only horizontal ground motion in terms of shear failure. 

























   
 









































Figure 8.17 Comparison of reserved shear strength 
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8.5 Summary and Discussion 
In this chapter the experimental behaviour of the tested specimens are discussed. The 
shear strengths of the tested specimens were evaluated and compared using various predictive 
approaches. The main findings are summarized below. 
 
• Specimens IPH and IPV 
It was observed that the vertical ground motion significantly affected the axial 
displacement and force rather than the lateral displacement and rotation. The axial force variation 
increased by ~100% and the axial tension force was detected only with vertical ground motion. 
The relationship between the lateral force and displacement shows clearly the fluctuation in the 
lateral force due to axial force variation. The lateral force of specimen IPH increased smoothly as 
displacement increased, while that of specimen IPV showed rise and fall corresponding to 
fluctuations in axial force.  
Furthermore, it was also observed that the damage in specimen IPV was more severe than 
that of specimen IPH. The observed cracking and damage indicate more shear damage 
particularly at mid height of specimen IPV. The effect of vertical ground motion on the 
longitudinal strain distribution did not appear to be significant. However, including the vertical 
ground motion significantly affected the spiral strain. The maximum spiral strains recorded from 
for specimens IPH and IPV occurred at 20% of the pier height and 55% of the pier height, 
respectively. The spiral strain at the same level increased by 160% due to the vertical ground 
motion. Moreover, considering trends of the strain distribution and the maximum spiral strains 
measured from both piers, it was estimated that the spiral strain increased up to about 200% 
when the vertical ground motion was included. Therefore, including the vertical ground motion 
reduced the shear capacity of the pier. 
 
• Specimens ICT and ICC 
During the tests, specimen ICC subjected to constant axial compression experienced 
brittle shear failure with rupture of the spiral. In contrast, specimen ICT subjected to moderate 
tension was severely damaged with significant flexural and inclined cracks as well as large 
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opening of diagonal cracks near the bottom of the pier. However, no strength degradation was 
observed.  
The lateral force and moment at the first peak of specimen ICC were ~20% and 27% 
larger than those of specimen ICT, respectively. The lateral forces and moments for specimen 
ICC were reduced rapidly as the number of cycle increased, while those of specimen ICT 
increased slightly. Compared to the strength at the first peak, the strengths of specimens ICT and 
ICC shows the increase of 3% and the reduction of 56%, respectively, where the specimen ICT 
was close to the shear failure. The envelope curves indicate the ductile behavior in the specimen 
ICT and the shear dominant behavior with significant strength degradation in the specimen ICC.  
It was observed that the measured longitudinal strains were similar up to the first peak of 
the first cycle. After this stage, strains measured in specimen ICT were increasing due to axial 
tension, while those of the specimen ICC were slightly becoming smaller. In most cases, there is 
certainly an overall tendency for the spiral strains of specimen ICC to be much larger than those 
of specimen ICT. This could have lead to the brittle shear failure experienced by specimen ICC. 
For the above-mentioned reasons, it is concluded that, for a given structure and loading used, the 
different axial load level can affect the pier behavior and change the failure mode.  
 
• Shear Strength of Test Specimens 
The shear capacities of the test specimens were evaluated using conventional methods 
adopted by the design codes and a realistic predictive approach. Considering the observed spiral 
strain histories and damage state of the specimens, these approaches with exception of Priestley 
et al. (1994) result in conservative estimates for specimens IPH, IPV, and ICC. Compared to the 
maximum shear demand of these specimens, shear capacities estimated by Priestley’s method are 
27%, 9%, and 2% higher, respectively. Specimen ICT subjected to constant axial tension shows 
higher shear strength than that predicted by all approaches. The reserved shear strengths of 
specimens IPH and IPV were calculated using the approach provided by Priestley et al. (1994). 
The ratio of the reserved shear strength is significantly reduced and becomes less than 1, where 
shear demands are relatively large for both piers, indicating the significant reduction of shear 




CONCLUSIONS AND FUTURE RESEARCH REQUIREMENTS 
 
There is ample field evidence that neglecting the vertical earthquake input in design and 
assessment of structures, especially those constructed from reinforced concrete, could lead to 
unquantifiable errors. In this report, a combined analytical-experimental research approach is 
deployed to address the shortcomings in the published literature. For the analytical work on RC 
buildings, a set of structures representing different levels of seismic design and detailing was 
analyzed considering the hazard from a recent highly damaging earthquake. For the analytical 
investigation on RC bridges, a parametric study was conducted considering various geometric 
configurations with a simple bridge. Moreover, extensive analysis was performed on two 
complex bridges taking into account various ratios of peak vertical-to-horizontal ground 
accelerations (V/H) and the time lag between the arrival of the peak horizontal and vertical 
accelerations. In the experimental investigation, two large scale bridge piers within a bridge 
system were tested using the sub-structured pseudo dynamic (SPSD) method in order to 
experimentally investigate the effect of vertical ground motion of RC bridge behaviour. A further 
two cyclic static tests with different axial load levels were performed to study the effect of axial 
load on the member behaviour under more controlled conditions than the SPSD tests allow. 
Hereafter, the most important findings from both the analytical and experimental investigations 
are summarized, followed by conclusion of this study and suggestions for future research.  
9.1 Summary of Findings 
9.1.1 Analytical Study of RC Buildings 
Fifteen RC buildings were chosen to represent different levels of seismic design and 
included non-seismically designed structures and structures conforming to modern seismic 
codes. These buildings were studied under earthquake ground motions representing the 2005 
Kashmir (Pakistan) earthquake, as an example of an earthquake that caused widespread damage 
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of RC structures. The extensive analysis results indicate that non-seismic structures experienced 
global failure as well as extensive local damage for most of the records. For RC buildings 
designed and detailed to modern seismic code provisions, those designed to high ductility and 
high design ground motion exhibited relatively good performance. On the other hand, those 
designed to medium and low ductility classes with low seismic intensity are expected to suffer 
severe damage or collapse if sited in the vicinity of the causative fault. For irregular frame 
buildings, extensive local damage or collapse at planted columns is expected, as judged from 
curvature ductility demands observed in the analysis.  
Including the vertical component of earthquake ground motion did not notably affect the 
global response and curvature ductility demand for most cases. However, for some cases, it 
considerably influenced interstorey drift and curvature ductility demand. For example, in the 
case of regular frames the interstorey drift ratio varied by up to ~80%, compared with the case of 
no vertical motion. The curvature ductility demand changed by up to ~120% when vertical 
ground motion was included. Moreover, vertical ground motion significantly increased the axial 
force level and variation in columns, sometimes by up to 400%. The increase in the axial force 
results in corresponding reduction in shear capacity within the vertical members and increases 
the potential for shear failure. For records selected to represent near fault areas, the shear 
capacity was significantly reduced due to vertical ground motion by up to ~25% and shear 
failure is expected for several cases, only when vertical ground motion was considered. 
Therefore, including the vertical ground motion is important for the reliable seismic assessment 
of structures. 
 
9.1.2 Analytical Study of RC Bridges  
An analytical study of the effect of vertical ground motion on RC bridges with different 
span lengths, span ratios, and column heights was presented. The effect of vertical ground 
motion on the axial force variation is amplified for shorter span lengths and for span ratios close 
to 1. The significant increase in axial force variation leads to a corresponding reduction in the 
shear capacity of columns. However, the effect of vertical ground motion on shear demand varies 
irregularly. In the case of variable column heights, the shear capacity for the shorter column is 
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significantly reduced when the vertical ground motion is included, while the shear demand 
decreases as column height increases. 
The effect of V/H ratio and time interval between horizontal and vertical peak 
accelerations are presented for two RC bridges; namely part of the Santa Monica Freeway and a 
FHWA concept design #4. It was observed that the inelastic period of vibration was significantly 
affected by including the vertical ground motion for Santa Monica Bridge, while that of FHWA 
#4 increased marginally as V/H ratio increased. However, the no clear correlation between the 
period of vibration and time lag could be realized. As the V/H ratio increases, significant 
increases in axial force variation in piers are observed.  Although no clear trend exists, some 
records caused moment demands at the pier to increase even if the lateral displacement was 
reduced. It was also observed that axial force variation increased noticeably with the increase of 
vertical ground motion amplitude thus resulting in reductions in shear capacity of up to 30%. It 
was observed that no unique correlation exists between shear demand of Santa Monica Bridge 
and V/H ratio, while shear demand of FHWA Bridge #4 increases by approximately 5% when 
compared to the case of horizontal excitation only. For the structures considered and the motion 
set used, the arrival time was observed to have a minimal effect on the periods of response, axial 
force variation, moment, and shear demand.  However, the shear capacity varied by about +/-
20% for Santa Monica Bridge and -10% to +20% for FHWA Bridge #4 when compared to the 
response with coincident horizontal and vertical peaks.   
 
9.1.3 Experimental Study 
Including vertical ground motion significantly increased the axial force variation on the 
test specimen by up to ~100% and at times produced axial tension forces. This high axial force 
variation leads to the fluctuation of lateral stiffness and more severe cracking and damage. 
Moreover, the inclusion of vertical ground motion significantly affected spiral strains. The 
maximum spiral strain of specimen subjected to horizontal ground motion only occurred at 20% 
of pier height, while that of specimen subjected to the combined horizontal and vertical 
excitations occurred at 55% of pier height. Considering the strain distribution and maximum 
spiral strains for both piers, it is estimated that the spiral strain increased by 200% when vertical 
  213
ground motion was included. Therefore, the deterioration of shear capacity due to vertical 
ground motion was experimentally proven. 
The test specimen subjected to constant axial compression experienced brittle shear 
failure including rupture of the spiral reinforcement, while the specimen subjected to moderate 
tension showed ductile behavior. Comparing the strength at the first peak of displacement, the 
strength of specimen with constant axial tension increased marginally, while that of specimen 
with axial compression showed significant strength degradation by 56% at the final peak before 
shear failure. It was observed that axial tension led to plastic hinging at the bottom of pier earlier 
than axial compression. Moreover, it was observed that there was an overall increase in spiral 
strains when axial compression was applied. Hence, considering observations from the two tests 
described above, it is concluded that the different axial load level impacts the pier behavior and 
changes the failure mode.  
9.2 Conclusion 
In this study, the effect of vertical ground motion on RC structures is investigated 
through a combined analytical-experimental research approach. Taking into account the 
observations from this investigation, it is concluded that RC structures subjected to combined 
horizontal and vertical components of earthquakes are more vulnerable than those subjected to 
horizontal ground motion only. Hence, neglecting vertical ground motion in the design procedure 
could lead to serious underestimation of demand, over-estimation of capacity and thus jeopardize 
overall structural safety. Therefore, in the vicinity of active faults the assessment of capacity and 
demand of structures must take vertical ground motion into account. 
9.3 Future Research Requirements 
This study presents extensive experimental and analytical investigation of the effect of 
vertical ground motion on RC bridges and buildings. The study avails of the first ever 
experimental evidence of the damaging effect of the long-neglected vertical component of 
earthquake ground motion. As such, it has opened the door to much-needed research to develop 
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clear trends, parameters affecting these trends, and design guidance to counter the adverse effects 
of vertical earthquake ground motion. Some ideas for future research needs are given below:  
 
• In this study, RC structures were subjected to the horizontal and vertical components of 
earthquake ground motion with the horizontal earthquake excitation being imposed on 
the structure in the longitudinal direction only. Further research is needed to consider 3-
dimensional input including the longitudinal, transverse, and vertical directions. 
• The effect of V/H ratio was investigated for bridge structures by scaling the vertical 
component of ground motion. However, in the analytical work with building structures, 
the V/H ratio from the raw record was utilized. Therefore, the effect of V/H ratio on 
building structure needs further consideration.   
• Future research is needed to clarify the effect of time interval between peak horizontal-
vertical ground acceleration. Although no clear correlation with time lag was observed in 
this study, significant effects were observed. Thus, additional work is needed to develop 
safe guidelines for the effect of time lag, relating it to the distance from the fault.   
• In this study, the significant effect of vertical ground motion on bridge piers was 
experimentally verified. Likewise, experimental research on building structures is needed 
to validate the effect of vertical ground motion in the existence of overturning effects. 
Due to complexity and scale of building structures, sub-structured pseudo-dynamic test is 
recommended.  
• A displacement-controlled numerical algorithm was used for the hybrid simulation in this 
report. The accuracy of such hybrid simulations is governed by error margins between 
target and applied displacements, which can be large in the stiff vertical DOF of RC 
columns. Considerable efforts were utilized to reduce the error to acceptable ranges for 
this study. However, it is worthwhile to develop an algorithm that would allow for force 
control in the DOFs with very large stiffness (i.e. mixed load and displacement).  
• Axial tension with vertical structural members was detected during analysis and 
experiments with vertical ground motion. However, previous experimental research with 
axial tension is sparse, resulting in deficiencies in current shear strength models. 
Therefore, further experimental effort is need to develop a test database with axial tension 
in the presence of shear and flexure.  
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• The scope of research described in this report should be expanded to include the effect of 
structure-foundation-soil interaction, which may amplify or reduce the effect of vertical 
motion. Moreover, quantification of the effect of vertical motion on the behavior of 
shallow and deep foundation is urgently required. 
• Significant axial force fluctuation due to vertical ground motion was observed 
analytically and experimentally resulting in the significant deterioration of shear strength. 
However, most design codes and predictive approaches for shear strength were developed 
based on experiments with constant axial load. Therefore, a shear deformation and 
strength model that accounts for varying axial load is needed. 
 
In general, it is hoped that the experimental evidence presented in this report will help 
settle the controversy surrounding the effect of vertical earthquake ground motion, and that 
researchers and practitioners will join forces to address the clear shortcoming in both the 







AASHTO. (1995). “Standard Specifications for Highway Bridges, Division I-A: Seismic 
Design” American Association of State Highway and Transportation Officials, Inc., 15th 
Edition, as amended by the Interim Specification - Bridges, Washington, DC. 
AASHTO. (2005). “LRFD Bridge Design Specifications, 3rd Edition, 2005 Interim Revisions”, 
American Association of State and Highway Transportation Officials, Washington, DC. 
Abrahamson, N.A. and Litehiser, J.J., (1989). “Attenuation of Vertical Peak Acceleration”, 
Bulletin of the Seismological Society of America, Vol. 79(3), 549-580. 
ACI, (2005). “Building Code Requirements for Structural Concrete (ACI 318-05) and 
Commentary (ACI 318R-05)”, American Concrete Institute. 
Ambraseys, N. N. and Simpson, K. A., (1996). “Prediction of Vertical Response Spectra in 
Europe”, Earthquake Engineering and Structural Dynamics, 25, 401-412. 
Ambraseys, N. N., Douglas, J., Sarma, S.K., and Smit, P. M., (2005). “Equation for the 
Estimation of strong Ground Motions from Shallow Crustal Earthquakes Using Data 
from Europe and the Middle East: Horizontal Peak Ground Acceleration and Spectral 
Acceleration”, Bulletin of Earthquake Engineering, Vol. 3, 1-53 
Ambraseys, N. N., Douglas, J., Sarma, S.K., and Smit, P. M., (2005). “Equations for the 
Estimation of Strong Ground Motions from Shallow Crustal Earthquakes Using Data 
from Europe and the Middle East: Vertical Peak Ground Acceleration and Spectral 
Acceleration”, Bulletin of Earthquake Engineering, 3, 55-73. 
Ang, B.G., Priestley, M.J.N., and Paulay, T., (1989). “Seismic Shear Strength of Circular 
Reinforced Concrete Columns”, ACI Structural Journal, Vol. 86 (1), 45-49 
  217
Antoniou, S., (1997). “Shear Assessment of R/C Structures under Combined Earthquake 
Loading”, MSc Dissertation, ESEE, Imperial College. 
Asian Development Bank and World Bank, “Preliminary Damage and Needs Assessment”, Nov. 
12, 2005. 
Bentz, E.C., (2000). “Sectional Analysis of Reinforced Concrete Members”, PhD Thesis, 
Department of Civil Engineering, University of Toronto. 
Bommer, J. J. and Martinez-Pereira, A., (1999).  “The Effective Duration of Earthquake Strong 
Motion”, Journal of Earthquake Engineering, Vol. 3 (2), 127-172. 
Bozorgnia, Y. and Campbell, K. W., (2004). “The Vertical-to-horizontal Response Spectral 
Ratio and Tentative Procedures for Developing Simplified V/H and Vertical Design 
Spectra.” Journal of Earthquake Engineering, Vol. 8 (2), 175–207. 
Broderick, B.M. and Elnashai, A.S., (1995). “Analysis of the Failure of Interstate 10 Freeway 
Ramp during the Northridge Earthquake of 17 January 1994”, Earthquake Engineering 
and Structural Dynamics, Vol. 24, 189-208. 
Button, M. R., Cronin, C. J., and Mayes, R. L., (2002). “Effect of Vertical Motions on Seismic 
Response of Bridges.” Journal of Structural Engineering, Vol. 128 (12),1551-1564. 
Calderone, A.J., Lehman, D.E., and Moehle, J.P., (2000). “Behavior of Reinforced Concrete 
Bridge Columns Having Varying Aspect Ratios and Varying Lengths of Confinement”, 
PEER-2000/08, Pacific Earthquake Engineering Research Center, University of 
California, Berkeley. 
Campbell, K. W., (1997). “Empirical Near-source Attenuation Relationships for Horizontal and 
Vertical Components of Peak Ground Acceleration, Peak Ground Velocity, and Pseudo-




Collier, C.J. and Elnashai, A.S., (2001). “A Procedure for Combining Vertical and Horizontal 
Seismic Action Effects”, Journal of Earthquake Engineering, Vol. 5 (4), 521-539. 
Collins, M.P., Bentz, E.C., and Kim, Y.J., (2002). “Shear Strength of Circular Reinforced 
Concrete Columns”, ACI Special Publication, Vol. 197, 45-86 
Combescure, D. and Pegon, P., (1997). “α-operator Splitting Time Integration Technique for 
Pseudodynamic Testing. Error Propagation Analysis”, Soil Dynamics and Earthquake 
Engineering, 16, 427–443. 
Dahle, A., Climent, A., Taylor, W., Bungum, H., Santos, P., Ciudad Real, M., Linholm, C., 
Strauch, W., and Segura, F., (1995).  “New Spectral Strong Motion Attenuation Models 
for Central America”. Proceedings of the Fifth International Conference on Seismic 
Zonation, Vol. II, 1005-1012, 1995. 
Durrani, A., Elnashai A.S, Hashash, Y., Kim, S.J., and Masud, A., (2005). “The Kashmir 
Earthquake of October 8, 2005: A Quicklook Report”, Mid-America Earrthquake Center, 
Report No. 05-04 
Dymiotis, C., Kappos, A. J., and Chryssanthopoulos, M. K., (1999). “Seismic Reliability of RC 
Frames with Uncertain Drift and Member Capacity”, Journal of Structural Engineering, 
Vol. 125 (9), 1038-1047 
Dermitzakis, S.N. and Mahin, S.A., (1985). Development of Substructuring Techniques for On-
line Computer Controlled Seismic Performance Testing. Report UCB/EERC-85/04, 
Earthquake Engineering Research Center, University of California, Berkeley. 
Elgamal, A. and He, L. (2004). “Vertical Earthquake Ground Motion Records: An Overview”, 
Journal of Earthquake Engineering, Vol. 8 (5), 663-697. 
Elnashai, A. S., Spencer, B. F., Kuchma, D., and Kim, S. J. et al (2005). “Analysis and 
Distributed Hybrid Simulation of Shear-Sensitive RC Bridges Subjected to Horizontal 
and Vertical Earthquake Ground Motion”, 37th Annual Meeting of the US-Japan Panel 
on Wind and Seismic Effects, Japan. 
  219
Elnashai, A. S., Spencer, B. F., Kuchma, D., Carrion, D., Yang, D., Gan, Q., and Kim, S. J., 
(2005). “Large and Small Scale Simulations on the Multi-axial Full-scale Sub-structured 
Testing and Simulation (MUST-SIM) Facility at the University of Illinois at Urbana-
Champaign”, NATO Workshop – Advances in earthquake engineering for urban risk 
reduction, Turkey. 
Elnashai, A. S., Elghazouli, A. Y. and Dowling, P.J., (1990). “Verification of Pseudo-dynamic 
Testing of Steel Members,” Journal of Constructional Steel Research, Vol. 16, 153-161. 
Elnashai, A.S. and Papazoglou, A.J., (1997). “Procedure and Spectra for Analysis of RC 
Structures Subjected to Strong Vertical Earthquake Loads”, Journal of Earthquake 
Engineering, Vol. 1 (1), 121-156. 
Elnashai, A.S., (2000). “Analysis of the Damage Potential of the Kocaeli (Turkey) Earthquake of 
August 1999”, Journal of Engineering Structures, Vol. 22, 744 -754 
Elnashai, A.S., Kim, S.J., Yun, G.J., and Sidarta, D., (2007). “The Yogyakarta Earthquake of 
May 27, 2006”, Mid-America Earthquake Center, Report No. 07-02. 
Elnashai, A.S., Papanikolaou, V., and Lee, D., (2004). “Zeus NL – A System for Inelastic 
Analysis of Structures”, Mid-America Earthquake Center, University of Illinois at 
Urbana-Champaign, CD-Release 04-01. 
Elnashai, A.S., Spencer, B.F., Kuchma. D., Ghaboussi, J., Hashash, Y. and Gan, G., (2004). 
“Multi-axial Full-scale Sub-structured Testing and Simulation (MUST-SIM) facility at 
the University of Illinois at Urbana-Champaign”, 13th World Conference on Earthquake 
Engineering, Vancouver, Canada, Paper No. 1756. 
Erberik M. A. and Elnashai A. S., (2004). “Fragility Analysis of Flat-slab Structures”, 
Engineering Structures Vol. 26,  937–948 
Eurocode 2, (2004). “Design of Concrete Structures”, Part 1, CEN (Comite Europeen de 
Normalisation), European standard ENV 1992-1-1, Brussels 
  220
Eurocode 8 (1994). “Design Provisions for Earthquake Resistance of Structures - Part 5: 
Foundations, Retaining Structures and Geotechnical Aspects”, ENV 1998-5, CEN 
European Committee for Standardisation, Brussels 
Fardis, M.N. (1994), “Analysis and Design of Reinforced Concrete Buildings According to 
Eurocodes 2 and 8”, Configuration 3, 5 and 6, Reports on Prenormative Research in 
Support of Eurocode 8. University of Patras, Greece. 
FEMA 273, (1996). “NEHRP Guidelines for the Seismic Rehabilitation of Buildings”, Federal 
Emergency Management Agency, 1996. 
FHWA (1996). “Seismic Design of Bridges – Design Example No. 4 Three-Span Continuous 
CIP Concrete Bridge”, FHWA-SA-97-009, Federal Highway Administration, 
Washington, DC. 
Ghobarah, A. and Elnashai, A.S., (1998) “Contribution of Vertical Ground Motion to the 
Damage of RC Buildings”, 11 th European Conference on Earthquake Engineering, Paris. 
Hakuno, M., Shidawara, M., and Hara, T., (1969). "Dynamic Destructive Test of a Cantilever 
Beam, Controlled by an Analog-computer", Transactions of Japan Society of Civil 
Engineering, 171, 1-9. 
Hilber, H. M., Huges, T. J. R., and Taylor, R. L., (1977). “Improved Numerical Dissipation for 
Time Integration Algorithms in Structural Dynamics.” Earthquake Engineering and 
Structural Dynamics, Vol. 5 (3), 283-292. 
Holub. C., (2005) “Similitude Considerations for Small Scale Distributed Hybrid Simulation of 
Reinforced Concrete Structures”, Ph.D. Thesis, University of Illinois at Urbana-
Champaign. 
International Building Code (IBC) (2003). International Code Council (ICC) 
International Building Code (IBC) (2006). International Code Council (ICC) 
  221
Jeong, S. H. and Elnashai, A. S., (2005a). “Analytical Assessment of an Irregular RC Frame for 
Full-scale 3D Pseudo-dynamic Testing, Part I: Analytical model verification,” Journal of 
Earthquake Engineering, Vol. 9 (1), 95-128. 
Jeong, S. H. and Elnashai, A. S., (2005b). “Analytical Assessment of an Irregular RC Frame for 
Full-scale 3D Pseudo-dynamic Testing, Part II: Condition assessment and test 
deployment,” Journal of Earthquake Engineering, Vol. 9 (2), 265-284. 
Kowalsky, M.J. and Priestley, M.J.N., (2000). “Improved Analytical Model for Shear Strength of 
Circular Reinforced Concrete Columns in Seismic Regions”, ACI Structural Journal, Vol 
97(3), 388-396 
Krinitzsky, E. L., Chang, F. K., and Nuttli, O. W., (1998). “Magnitude-Related Earthquake 
Ground Motions”. Bulletin of the Association of Engineering Geologists, XXV(4), 399–
423 
Krypton Industrial Metrology, (2003). “Krypton Help Pages on DMM Modular.” 
Kunnath, S.K., Abrahamson, N., Chai, Y.H., Erduran, E., and Yilmaz, Z., (2008a). 
“Development of Guidelines for Incorporation of Vertical Ground Motion Effects in 
Seismic Design of Highway Bridges”, Technical report CA/UCD-SESM-08-01, 
University of California at Davis. 
Kunnath, S.K., Erduran, E., Chai, Y.H, and Yashinsky., M., (2008b). “Effect of Near-Fault 
Vertical Ground Motions on Seismic Response of Highway Overcrossings”, Journal of 
Bridge Engineering, ASCE, Vol. 13 (3)., 282-290. 
Kwon, O.S., Nakata, N., Elnashai, A., and Spencer, B. (2005). “A Framework for Multi-site 
Distributed Simulation and Application to Complex Structural Systems,” Journal of 
Earthquake Engineering,  Vol. 9 (5), 741–753 
Lee, D.H. and Elnashai, A. S., (2001). “Seismic Analysis of RC Bridge Columns with Flexure-
shear Interaction”, Journal of Structural Engineering, Vol. 127 (5), 546-553 
  222
Mahin, S. A., and Shing, P. B., (1985). “Pseudodynamic Method for Seismic Testing.” Journal of 
Structural Engineering, Vol. 111 (7), 1482-1503. 
Mander, J.B., Priestley, M.J.N. and Park, R., (1988). “Theoretical Stress-Strain Model for 
Confined Concrete”, Journal of Structural Engineering, ASCE, Vol. 114 (8), 1804-1826. 
Mosqueda, G., Stojadinovic, B., Hanley, J., Sivaselvan, M., and Reinhorn, A.M., (2008). 
“Hybrid Seismic Response Simulation on a Geographically Distributed Bridge Model”, 
Journal of Structural Engineering, 134 (4), 535-543. 
Mwafy A.M., (2001). “Seismic Performance of Code-designed RC Buildings”, PhD thesis, 
Imperial College, University of London 
Mwafy, A.M. and Elnashai, A.S., (2006). “Vulnerability of Code-Compliant RC Buildings under 
Multi-Axial Earthquake Loading”, 4th International Conference on Earthquake 
Engineering, Taipei, Taiwan, Paper No. 115 
Nakashima, M. and Kato, H., (1987). “Experimental Error Growth Behavior and Error Growth 
Control in On-line Computer Test Control Method,” Building Research Institute, BRI-
Report No. 123, Ministry of Construction, Tsukuba, Japan. 
Nakata, N., (2007) “Multi-Dimensional Mixed-Mode Hybrid Simulation, Control and 
Applications”, Ph.D. Thesis, University of Illinois at Urbana-Champaign. 
Newmark, N. M., and W. J. Hall, (1982). “Earthquake Spectra and Design”, Earthquake 
Engineering Research Institute, Berkeley, California, 103. 
Newmark, N.M.,  Blume  J.A., and Kapur, K.K., (1973). “Seismic Design Spectra for Nuclear 
Power Plants”, Journal of the Power Division, ASCE, Vol. 99 (2), 287-303. 
Negro, P., Mola, E., Molina, J. and Magonette, G., (2004). “Full Scale Bi-directional PSD 
Testing of a Torsionally Imbalanced Three Storey Non-seismic RC Frame,” 13th World 
Conference on Earthquake Engineering, Vancouver, Canada, Paper No. 968. 
  223
Papazoglou, A.J. and Elnashai, A.S., (1996). “Analytical and Field Evidence of the Damaging 
Effect of Vertical Earthquake Ground Motion”, Earthquake Engineering and Structural 
Dynamics, Vol. 25, 1109-1137. 
Pinho, R. and Elnashai, A.S., (2000). “Dynamic Collapse Testing of a Full-Scale Four Story RC 
Frame”, ISET Journal of Earthquake Technology, Vol. 37, No. 4, 143-163. 
Priestley, M.J.N., Benzoti, G., Ohtaki, T. and Seible, F., (1996). “Seismic Performance of 
Circular Reinforced Concrete Columns under Varying Axial load”, Report-SSRP-96/04, 
Division of Structural Engineering, University of California. 
Priestley, M.J.N., Verma, R. and Xiao, Y., (1994).  “Seismic Shear Strength of Reinforced 
Concrete Columns”, Journal of Structural Engineering, ASCE, Vol. 120 (8), 2310-2329. 
Rossetto, T., and Elnashai, A. S., (2003). “Derivation of Vulnerability Functions for European-
type RC structures Based on Observational Data”, Engineering Structures, Vol. 25, 1241-
1263 
Saadeghvaziri, M.A. and Foutch, D.A., (1991). “Dynamic Behavior of R/C Highway Bridges 
under the Combined Effect of Vertical and Horizontal Earthquake Motions”, Earthquake 
Engineering and Structural Dynamics, Vol. 20, 535-549. 
Schmidt, V., Dahle, A., and Bungum, H., (1997). “Costa Rican Spectral Strong Motion 
Attenuation. Tech. rept. NORSAR, Kjeller, Norway. Reduction of Natural Disasters in 
central America Earthquake Preparedness and Hazard Mitigation Phase II: 1996–2000”, 
Part 2 
SEAOC, (1995). “Performance Based Seismic Engineering of Buildings”, Vision 2000 
Committee, Structural Engineers Association of California, Sacramento, California 
Shing, B. and Manivannan, T. (1990). “On the Accuracy of an Implicit Algorithm for 
Pseudodynamic Tests,” Earthquake Engineering and Structural Dynamics, Vol. 19, 631-
651. 
  224
Shing, B., Vannan, M.T., and Cater, E., (1991). “Implicit Time Integration for Pseudodynamic 
Tests,” Earthquake Engineering and Structural Dynamics, Vol. 20, 551-576. 
Spencer, B. F., Elnashai, A. S., Nakata, N., Seliem, H., Yang, G., Futrelle, J., Glick, W., 
Marcusiu, D., Ricker, K., Finholt, T., Horn, D., Hubbard, P., Keahey, K., Liming, L., 
Zaluzec, N., Pearlman, L. and Stauffer, E. (2004). “The MOST Experiment: Earthquake 
engineering on the Grid”, Technical Report NEESgrid-2004-41, http://it.nees.org/. 
Stojadinovic, B., Mosqueda, G., and Mahin, S. A., (2006). “Event-driven Control System for 
Geographically Distributed Hybrid Simulation” Journal of Structural Engineering, 132(1), 
68–77. 
Takanashi, K., Udagawa, K., Seki, M., Okada, T. and Tanaka, H., (1975). “Nonlinear Earthquake 
Response Analysis of Structures by a Computer-actuator On-line System,” Bull. of 
Earthquake Resistant Structure Research Centre, No.8, Institute of Industrial Science, 
University of Tokyo, Japan. 
Uniform Building Code, (UBC) (1997) Vol. 2. International Council of Building Officials 
(ICBO) 
Vecchio, F.J. and Collins, M.P., (1986). “The Modified Compression Field Theory for 
Reinforced Concrete Elements Subjected to Shear”, ACI Structural Journal, Vol. 83 (2), 
219-231. 
Watanabe, E., Kitada, T., Kunitomo, S. and Nagata, K., (2001). “Parallel Pseudodynamic 
Seismic Loading Test on Elevated Bridge System through the Internet.” The Eight East 
Asia-Pacific Conference on Structural Engineering and Construction, Singapore, 
December. 
Watanabe, F. and Ichinose, T., (1991). “Strength and Ductility Design of RC Members Subjected 
to Combined Bending and Shear”, Proceedings Workshop on Concrete Shear in 
Earthquake, University of Houston, Houston, Texas, 429-438. 
  225
Wong, Y.L., Paulay, T., and Priestley, M.J.N., (1993). “Response of Circular Reinforced 
Concrete Columns to Multi-Directional Seismic Attack”, ACI Structural Journal, Vol. 90 
(2), 180-191. 
Yu, C.P., (1996). “Effect of Vertical Earthquake Components On Bridge Responses”, PhD thesis, 
University of Texas at Austin 
 
  226




     
Figure A.1 Typical reinforcement details and bottom details before casting of pier 
 
Figure A.2 Rebar cages before casting of pier 
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Figure A.3 Casting of pier 
 
   
Figure A.4 Typical rebar details in bottom cap and after casting of bottom cap 
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Figure A.5 Typical rebar details in top cap and specimen before testing 
      
 
 
Figure A.6 Retrofit of ICT and ICC 
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In this section, the details of instrumentation are provided. Figure B.1 and Figure B.2 
illustrate the details of arrangement and numbering of strain gauges. Figure B.3 provides the 
location of linear potentiometers and string pots. Since the location of these measurement 
devices varied per each test specimen, the location was determined by using Krypton 
measurement. Here, H is the distance from face of bottom cap and B is longitudinal distance 
between linear potentiometers. The string pots were installed where linear potentiometers were 
located. Thus, the height of string pots is same with that of linear potentiometers. Table B.1 
shows the location of linear potentiometers measured from Krypton LEDs.  
 
Table B.1 Location of linear potentiometers, unit: mm 
IPH IPV 
Label 
B H B H 
E01 785.8 139.7 768.9 144.5 
E12 787.9 289.7 769.6 297.7 
E23 823.7 593.2 807.7 597.8 
E34 834.1 1041.0 813.7 1067.0 
E56 839.0 2730.5 787.8 2735.3 
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Face of top cap
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Figure B.3 Arrangement and numbering of external measurement 
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APPENDIX C.  
 
TEST DATA 
C.1 Specimen IPH 
C.1.1 Global Measurement 
 

















































































































































Figure C.2 Relationship between deformations, specimen IPH 





















































Figure C.3 Relationship between loads, specimen IPH 
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Figure C.4 Loads vs Deformations, specimen IPH 
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C.1.2 Local Measurement 



































































































































































































































































































































































































































































































































































































































































































































































































































































































































Figure C.9 Average displacement of Linear potentiometers, specimen IPH 
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C.2 Specimen IPV 
C.2.1 Global Measurement 







































































Figure C.10 Global measurement data, specimen IPV 
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Figure C.11 Relationship between deformations, specimen IPV 




















































Figure C.12 Relationship between loads, specimen IPV 
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Figure C.13 Loads vs Deformations, specimen IPV 
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C.2.2 Local Measurement 











































































































































































































































































































































































































































































































































































































































































































































































































































































































































































Figure C.18 Average displacement of Linear potentiometers, specimen IPV 
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C.3 Specimen ICT 




































































































































Figure C.20 Relationship between deformations, specimen ICT 

























































Figure C.21 Relationship between loads, specimen ICT 
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C.4 Specimen ICC 























































































































Figure C.26 Relationship between deformations, specimen ICC 

























































Figure C.27 Relationship between loads, specimen ICC 
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Figure C.30 Spiral Strain, specimen ICC 
